Ground movements during diaphragm wall installation in clays by Kantartzi, Christina
Ground movements during diaphragm wall installation in clays
Kantartzi, Christina
 
 
 
 
 
The copyright of this thesis rests with the author and no quotation from it or information
derived from it may be published without the prior written consent of the author
 
 
For additional information about this publication click this link.
http://qmro.qmul.ac.uk/jspui/handle/123456789/1532
 
 
 
Information about this research object was correct at the time of download; we occasionally
make corrections to records, please therefore check the published record when citing. For
more information contact scholarlycommunications@qmul.ac.uk
Ground movements during diaphragm
wall installation in clays
by
Christina Kantartzi
A dissertation submitted for the
degree of Doctor of Philosophy
at
University of London
Department of Civil Engineering
Queen Mary and Westfield College
November 1993
LCNF4L
-1-
To Mum and Dad
-2-
Abstract
Abstract
Diaphragm walls are being used increasingly in connection with building basements
and road improvement schemes, particularly in urban areas. Many of these walls
retain overconsolidated clay, and the magnitude of the lateral stresses which will act
on the wall under service conditions is uncertain.
One of the reasons for this is that, although the initial in situ lateral effective earth
pressures in an overconsolidated clay deposit will be high, they will be affected to
some extent by the process of installation of the wall. Stress relief which occurs
during installation should be taken into account, since it will influence the starting
point for analysis of the post-construction behaviour. Ground movements which
occur during installation are important in their own right, and might for a diaphragm-
type retaining wall be more significant than those which occur during and after
excavation in front of the wall. The investigation of this problem using a centrifuge
modelling technique is the principal aim of the current research.
An extensive literature review has been carried out to collate field data concerning the
stress history and in situ lateral stresses of overconsolidated clay deposits. These were
used to confirm that the proposed centrifuge modelling technique would achieve
realistic stress states and changes in stress.
A series of centrifuge tests has been carried out at the London Geotechnical
Centrifuge Centre (operated jointly by Queen Mary & Westfield College and City
University), on samples of overconsolidated speswhite kaolin, simulating the effects
of excavation under a slurry trench and concreting the diaphragm wall. The
background to the tests, and the geometry and design of the model are discussed. The
influence of the groundwater level and panel width on ground movements and
changes in pore water pressures during diaphragm wall installation have been
investigated, and the results are presented. The centrifuge test results are compared
with field data from various sites. The development of a simplified analytical method
is presented, which may be used to estimate the installation effects of diaphragm walls
in clay. The results of this analysis are compared with the centrifuge test results and
field data.
Finally, some areas of continuing uncertainty are highlighted and some suggestions
for further research are made.
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Chapter 1
Introduction
1.1 Diaphragm-type retaining walls in clay.
Recent advances in construction technology, together with the high cost of city centre
building land, have led to the increasing use of in-situ retaining walls in connection with
road cuttings, basements and other deep excavations in urban areas. According to Fisher
(1974), the term diaphragm wall is derived from the first application of the bentonite mud
displacement process for the construction of walls to separate different media. (Fisher,
1974).
1. Introduction
Retaining walls may be classified into two types:
i) backfllled walls, where the wall is constructed above ground and backfill is
subsequently placed against it; and
ii) excavated walls, where the wall is constructed within the soil mass and the ground
is subsequently removed from in front of it.
Excavated walls are mainly used in order to minimise the disturbance to surrounding
buildings. Diaphragm walls are made from reinforced concrete cast into a trench, which
has been excavated under bentonite slurry in order to ensure stability.
The bentomte slurry forms a seal on the soil surface with which it comes into contact,
and exerts a stabilizing pressure on the excavation sides. The mechanisms involved are
discussed later. In this way hydrostatic pressure can be exerted on the sides of the trench,
without increasing the pore water pressure in the soil. The loss of stability of the
excavation sides, and the loss of slurry from the excavation are also prevented. When the
depth of the trench is equal to the total depth of the wall, a steel reinforcing cage is
lowered into the slurry . Liquid concrete is then poured into the bottom of the trench,
displacing the slurry upward. Finally, when the concrete has set, the soil in front of the
wall is excavated.
1.2 Special problems of diaphragm walls.
Initially the vertical and the horizontal stresses in the ground at any depth are related by
the expression: C'h = K0a. Many in situ walls retain overconsolidated clay, whose stress
history consists broadly of the deposition, followed by the erosion, of a substantial
quantity of overlying material. In such soils, because of the complexity of their stress
history (loading-unloading-reloading), the value of K0 is often larger than unity. A more
detailed discussion of these topics is presented in the next chapter.
There is a number of uncertainties concerning the design of diaphragm walls in clays, the
main causes of which are outlined below:
-18-
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(i) The release of horizontal stresses, occurring after excavation in front of the wall,
could be associated with increased movements of the surrounding soil.
(ii) The low permeability of clay soils means that swelling and softening are likely to
extend over many years or decades following the completion of construction.
Consequently, in the design of retaining walls in overconsolidated clay, the critical
condition of wall stability will often occur in the long-term, when full pore water
equilibrium has been achieved under the new stress and seepage regime in the vicinity of
the wail.
The above uncertainties have been investigated by researchers using several methods,
including finite element analysis. Many investigators, such as Potts and Fourie (1984),
were concerned more about the long-term conditions after excavation in front of the wall
and had assumed, for the purpose of their finite element study, that the wall was in place
at the start of the analysis. It was assumed that the in situ stresses did not change during
wall installation, and consequently that no ground movement occurred during the
installation of the wall. With the increasing use of propping systems which minimise wall
movement during the excavation stage, the neglect of wail installation effects is becoming
highly questionable.
1.3 Significance of wall installation effects.
During wall installation, the total horizontal stress at the boundary of the excavation will
be reduced from the initial in-situ value to approximately the pressure exerted by the
bentonite slurry. The total stress acting on the soil is then increased to a value
approximating to the pressure applied by wet concrete. Because of these stress changes,
significant ground movements might occur during wall installation. These movements are
important in their own right, and might in a diaphragm-type retaining wall be more
significant than those which occur during and after excavation in front of the wall.
Designers of diaphragm-type wails in clay soils are becoming increasingly aware of the
importance of the ground movements and changes in lateral stresses which may occur
during construction, since these will influence the starting point for an analysis (for
example using finite elements) of the post construction behaviour. Thus, it is important
-19-
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that, the effects of the construction of a diaphragm wall are understood and quantified:
this is the principal aim of the current research.
1.4 Objective and scope of this research
The principal aim of the current research is to investigate the ground movements and
changes in pore water pressures during diaphragm wall installation using centrifuge
modelling techniques.
The dissertation is only concerned with the slurry trench phase and the concreting stage
of diaphragm wall installation: the post-excavation behaviour of the wall is not
investigated here. The particular issues addressed include the effects of a different initial
groundwater level, a different type of wall construction (i.e. panels as opposed to plane
strain) and a different distribution of initial in situ lateral stresses, on the ground
movements (mainly) and lateral earth pressures which occur during installation.
An extensive literature review has been carried out to collate field data concerning stress
history and in-situ lateral stresses of overconsolidated clay deposits. These data have
been used to confirm that the proposed centrifuge modelling technique will achieve
realistic initial stress states and changes in stress. This is the subject of chapter 2. Chapter
3 details the rationale behind the design of the centrifuge modelling procedure. A
summary of the tests reported in this dissertation is also given.
The results of the tests are presented and discussed in general terms in chapter 4. In
chapter 5, a simple analytical method is developed, and applied to both the centrifuge
tests. In chapter 6, comparisons with field data, collected either from recent construction
works at various sites (Limehouse, Cambridge, Hong Kong, and Singapore) or
previously presented (New Palace Yard, Hong Kong), have been made. Comparisons
between the data recorded during the centrifuge tests, and the results of the theoretical
model are also presented.
The dissertation concludes with chapter 7, in which the main findings are summarised and
suggestions for further research are made.
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Chapter 2
Modelling considerations
The investigation of the changes in lateral earth pressures and ground movements
associated with the construction of diaphragm walls in clay is the principal aim of the
current research. In the design of the centrifuge modelling technique, it was necessary to
carry out an extensive literature review to collate field data concerning the stress history
and in situ lateral stresses of overconsolidated clay deposits. This was in order to ensure
that the proposed centrifuge model would achieve realistic stress states, and that the
distribution of K0 (i.e. the ratio of horizontal to vertical effective stresses) with depth
simulated in the model would be close to reality.
Section 2.1, which contains three subsections, is concerned with the distribution of I(
as a function of depth. The influence of the stress history on the values of K 0 is discussed
2. Modelling considerations
in section 2.1.1, in which it is shown that the 1(0 distribution with depth is not unique, but
depends on a large number of factors that vary from place to place. Several researchers
have tried to estimate the variation of K0 with depth including Skempton (1961), Wroth
(1972), and Bishop et al (1965). Some of these suggestions for the determination of the
variation of 1(0 with depth are discussed in section 2.1.2. In addition, further information
about the strata of the ground in the London area are given in section 2.1.3.
In section 2.2, bentonite and concreting processes are described. In section 2.2.1
(including also its subsections), general information about some of the properties of these
materials is given, and their behaviour during the construction of the diaphragm wall is
discussed.
2.1 General discussion; K0 as a function of depth in overconsolidated clay deposits.
K0 is the coefficient of earth pressure in rest. This term was introduced originally by
Donath in 1891, who defined this coefficient "as the ratio of the horizontal to the
vertical earth pressure resulting in a soil from the application of vertical load under a
condition of zero lateral deformation" (Brooker and Ireland, 1965). The vertical and the
horizontal effective stresses at any depth are related by the expression: (Y'h-KV.
In order to make predictions of ground movements around excavations using methods
such as Finite Element analysis, the initial in situ horizontal stresses must be evaluated.
Until recently, the range of magnitude of the horizontal stresses has remained to some
extent speculative, because the field measurement of these stresses has met with varying
degrees of success. Without knowledge of K 0, the stress state of a particular soil cannot
be accurately defined.
At this stage a clarification should be given, as has already been mentioned at the
beginning of this section K0 was defined originally in the context of one-dimensional
loading, in which case K0 has a constant value. In this dissertation, the term K 0 will be
used to mean the "initial" or "starting" state, irrespective of the fact that this might be
after (perhaps) several one-dimensional unloading and reloading paths.
The stress-strain behaviour of the soil depends fundamentally on the stress history and
the stress state. K0 is an indication of stress state, and depends on the stress history of the
-22-
2. Modelling considerations
soils. Hence, it is very important for the designers to determine the K0, in the best way
that they can. Unfortunately, this is quite difficult to achieve. The value of K., is not
always easy to determine in the field, and on the other hand, it is equally difficult to
reconstruct precisely, using laboratory tests, the complex stress history of loading and
unloading of most natural soil deposits.
2.1.1 The influence of stress history on the variation of K 0 with depth.
Several studies, notably Brooker and Ireland (1965), Burland, Simpson and John (1979),
Mayne and Kulhawy (1982) and Skempton (1961), have been concerned with the
influence of stress history on the coefficient of earth pressure.
A diagrammatic representation of the relationship between the vertical a' and the
horizontal; effective stresses during one-dimension loading and unloading, is shown in
figure 2.1.
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Fig 2.1 Diagrammatic representation of the relationship between a' and a' effective
stresses during one-dimension loading and unloading
This is a simplified stress histoiy, assuming a soil deposit with a horizontal ground
surface. The stress path OA represents the first stage during loading when the initial
deposition took place. During this stage the soil is normally consolidated and the earth
pressure coefficient, K0, remains constant and equal to K. Any reduction of the
effective overburden stress causes the overconsolidation of the soil, represented by the
stress path AB. This stage of unloading can be due to several mechanisms, such as
erosion, excavation, and a rise in the ground water table. During unloading K. is not
constant and the oveconsolidation ratio OCR = a' / as,' has an important effect on the
value of K0. Additionally, following the stress path AS, it is noted that the horizontal
effective stress a decreases less rapidly than the vertical effective stress CY' so that a'
becomes larger than the as,', and consequently K0 becomes greater than in previous
(loading) stage. As unloading continues, passive failure is approached.
-24-.
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The upper limit on the value of K0 is the coefficient of passive earth pressure K,? and a
limiting value of OCR exists, after which, K0 approaches, or becomes equal to K.1,
Subsequent unloading and reloading, by seasonal water table fluctuations for instance, it
will cause further stress paths such as BC or B'C'.
It is widely accepted that, for normally consolidated conditions, initial stage, K 	 is well
predicted by the empirical formula:
K0 = 1 - sin4)'
	 (2.1)
as suggested by Jaky (1944), where 4)' is the effective angle of shearing resistance.
However, several investigators have reported different relationships between values of
K and the effective angle of shearing resistance 4)'
.
 The results from Brooker and
Ireland's laboratory studies (1965) are reproduced in figure2:2.
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Five plastic soils, the properties of which were well documented, were selected for this
study. The soils were: Chicago Clay, Goose Lake Flour, Weald Clay, London Clay, and
Bearpaw Shale. After examination of the test results, it was shown by Brooker and
Ireland that the relationship K = 0.95 - sin fitted the test data better than the
original formula suggested by Jaky. Likewise, results recorded by several investigators
and reproduced here in figure 2.3, were summarised by Brooker and Ireland (1965),and
it was shown that the relationship proposed by Jaky is probably more representative for
sands, while that proposed by Brooker and Ireland is more representative for clays.
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Fig 2.3 Summary of K versus ' data (reproduced from Brooker and Ireland, 1965)
On the other hand, by reviewing laboratory data from over 170 different soils, Mayne
and Kulhawy (1982), concluded that the original (Jaky, 1944) relationship for K0 for
normally consolidated soils, appeared valid for plastic soils and moderately valid for non-
plastic soils.
The stage of unloading, represented in figure 2.1 by the stress path AB, is of major
importance in various geotechnical problems, since the most of the natural clay deposits
are overconsolidated to at least some extent. The influence of the stress history on the
coefficient of earth pressure at rest, as an observed K 0 - OCR relationship, was presented
by Brooker and Ireland (1965), although their results were based on data of only five
soils. In figure 2.4, reproduced here from their study, the relationship between K0, 4)1 and
OCR is depicted.
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Fig 2.4 Relationship between K0, 4)' and OCR (from Brooker & Ireland)
The values of K0 for 4)' = 350 were averaged by Brooker & Ireland from tests on sand
carried out by Hendron (1963). As can be noted from this figure, the values of K 0 at a
given OCR increase as 4)' increases up to an angle of approximately 200, after which the
earth pressure coefficient decreases. The data suggest that soils having 4)' in the range 20°
-25° (i.e. clays) are particularly susceptible to the build-up of large lateral stresses at
high overconsolidation ratios, but the physical reasons for this are not clear. It is also
interesting that the K0
 values for soils with 4)'=15°-28° at an OCR of 32 lie above the
theoretical passive limit K (figure 2.4).
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According to Mayne and Kuihawy's review (1982), several investigators have previously
tried to derive empirical relationships describing the complex history of overconsolidated
soils. The conclusion of their study is that, as suggested by Schmidt (1966), during
unloading, K, may be related empirically to 4)' and OCR by the equation:
K0 = ( 1 - sin4)' )OCR'*'	 (2.2)
Skempton (1961), after investigations at Bradwell in Essex, managed to reconstruct the
stress histoiy of the area, deducing a likely profile of K 0 with depth for London Clay, and
was able to determine the profile of 1(0 in the overconsolidated London clay at this site.
The reported values of K.0 increase up to an OCR approximately equal to 25, after which
they decrease for larger values of OCR.
At this point, some important factors which affect the distribution of K 0 with depth will
be discussed. Frequently, the values of K, given by Skempton are used as a basis for
calculations at other sites. Thus a danger appears; it is tempting to assume that a soil
deposit has a fairly unique distribution of 1(0 with depth. Such an assumption can give
rise to very significant errors, unless account is taken of the influence of stress history
including such factors as a rise or a lowering of the ground water table and the presence
of alluvium overlying the surface of the clay (Burland et a!, 1979).
Fig. 2.5 is reproduced from Burland, Simpson and St John's study (1979). It gives the
profiles of o',a'h and 1(0 with depth in an idealised clay deposit.
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Clay at surface; hydrostatic water pressure
-	 lOOkN/rn2 surcharge. hydrostatic water pressure
Clay at surface; underdrainage - water pressure halt hydrostatic
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Fig 2.5 Influence of stress history on K0 and ah in heavily overconsolidated clay
reproduced from Burland et al, 1979)
The water table is at the surface, and the pore water pressures increase hydrostatically
with the depth. The full lines in figure 2.5(a) represent the distribution with depth of the
horizontal and vertical effective stresses in a clay layer which has had 170 m of overlying
sediments removed. Figure 2.5(b) shows the corresponding distribution of K 0 with depth.
Additionally, it should be pointed that, in the top 4m the clay deposit has reached passive
failure with K.,, assumed equal to 3.5 (which implies a value of 4'=34°, taking
1+ sin '
1—sin'
The chain dotted lines in figure 2.5(a) and (b) show the effective stress conditions and the
K0 distribution with depth when a surcharge of 100 kN/m2 is applied to the surface and
pore pressures are allowed to reach equilibrium. This corresponds to the deposition of a
superficial layer of gravel or alluvium, which is a very common situation for the London
area. It can be seen that, while the vertical effective stress as,' increases by 100 kN/m2
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uniformly with the depth, the corresponding increase in horizontal stresses, Ch'. is only
18 kN/m2. Correspondingly in figure 2.5(b), it can be seen that the values of I( have
been reduced dramatically , because of the 100 kNIm2 applied to the surface,.
Pumping from the underlying chalk is another quite usual situation in the London area.
This causes reductions in the pore water pressures in the overlying clay. The broken lines
in figure 2.5 represent the influence on the stress conditions of a reduction in the pore
water pressures to half the hydrostatic values. This results in an increase in the vertical
effective stresses, , in proportion to the depth. The horizontal stresses increase only
slightly, so that once again, the values of K0 reduce by a substantial amount. The dotted
lines, finally, show how the combination of both a surcharge and underdrainage affects
the distribution of K0 with depth.
Burland, Simpson & St John demonstrate using figure 2.5 that the distribution of K 0 with
depth is far from unique and is very sensitive to the recent stress history. Likewise, it may
be seen, that for all of the situations considered, the values of I( at any depth below
approximately 25m tend to become equal with a value of 1.0-1.5. On the other hand, the
distribution of the horizontal effective stresses with depth is relatively insensitive to the
vertical stress change, and it is probably this, rather than the values of K0, which might
be assumed to be unique for an overconsolidated soil deposit of a given geological stress
history. These results do, however, depend on the K 0-OCR relationship that Burland et al
assumed for the reloading stage, during which the K 0 values are reduced dramatically.
Figures 2.6 and 2.7 show the effective vertical and horizontal stresses with depth, and the
variation of K0 with depth due to the same changes from the same initial conditions as in
figure 2.5, but calculated using a different K 0-OCR relationship during reloading.
Comparing the variations of K0 in each case (2.5b and 2.7), it can be seen that their
shapes are slightly different at the top, but below a depth of approximately 1 Sm they are
almost the same. The main reason for this is that the assumptions made in order to
produce the graphs are not the same.
Burland et al (1979) assumed that initially during the reloading stage the clay behaves
elastically, so that the ratio of the change in the horizontal effective stresses to the change
in the vertical effective stress is given by the equation:
= v' (2.3)
isa'	 1—v'V
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where v' is Poisson's ratio for the soil. Burland et al using the value for V for London
Clay of about 0.15 suggested by Wroth (1972), estimated that the ratio 	 durmg
V
unloading is about 0.18. Hence, knowing the initial values of the vertical and horizontal
effective stresses, a' and a' respectively, and also the ia they could estimate the &h.
Thus, for each depth both effective stresses were known, and consequently the values of
K0.
Alternatively, for figures 2.6 and 2.7, the values of K. were estimated using the following
expression (2.4) (from Mayne and Kulhawy, 1982), which gives K0 as a function of OCR
for different stress states.
OCR ) 31 OCR
K 0 = (i - sin 4')[ OCR' 
,J + 
4(1 - 
OCRW.	
(2.4)
where OCR =
During first loading, equation (2.4) reduces to Jaky equation (2.1), because
OCR. =OCR= 1. For the unloading stress path, equation (2.4) becomes
K 0 = ( i - sin ç')OCR, since OCROCR	 (2.5)
From the distribution of K0 with depth (figure 2.6), the variation of the horizontal
effective stresses with depth could be calculated, as shown in figure 2.7.
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Fig 2.7 Variation of vertical and horizontal effective stresses with depth
2.1.2 Calculation of K0 as a function of depth.
It is widely accepted that the geostatic vertical total stresses a in an undisturbed soil
deposit may be deduced from the self-weight alone, and that the variation of the pore
water pressures with depth may be measured directly. Consequently, the distribution of
the vertical effective stress with depth can be evaluated. As has already been mentioned,
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the distribution of the effective horizontal pressures with depth, is usually calculated from
the estimated values of I(.
The commonest method of determining the earth pressure coefficient K 0 experimentally
in the laboratory is to estimate the capillary pressure pk of an undisturbed sample, usually
by measuring the "equilibrium pressure" in the triaxial machine or oedometer, which is
the pressure when no volume change occurs. The variation of K 0 with depth is then
calculated from the expression (2.6), whose derivation is given in Appendix I:
a' h	 - A5
= -
	
	 (2.6)
1—A3
where A is the pore pressure coefficient for fully saturated soils. This coefficient, which
for general conditions is defined as A, is one of the two pore pressure coefficients that
can be measured experimentally in an undrained triaxial test. It has been found
convenient (Skempton, 1954), to express the change in the pore pressure (Au), which
occurs when the principal stresses a1 and a3 change (Aa1 and Aa3), by the expression
below (2.7):
+	 IAaAu = B[!(Aai + 2Aa3) 
3A 1	
- Aa3 I]	 (2.7)3'
An alternative form for equation (2.7) is to the following (2.8):
AuB. [Aa3 +A. I Aa1- Aa31]
	
(2.8)
and for fully saturated soils B 1, so that
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AuAu = As- IAai -Aa31 A =
	
	 (2.9)
IAa1-AY3I
The coefficient A, differs from soil to soil, and even for a given soil, it varies with the
stresses and strains. From equation (2.7) it can be seen that, for a purely elastic material
the A should take the value 1/3, since with this value the pore pressure depends only on
the mean principal stress.
Hence, assuming, in equation (2.6) the value of A0.3, Skempton (1961), was able to
predict the distribution of K0
 with depth at Bradwell from the capillary suction Pk•
The capillary pressure (suction Pk) was determined by several methods, in order to
estimate the variation of K0 with depth. Additionally, eighteen drained tests were carried
out in the triaxial apparatus and ten in the shear box on specimens cut from block
samples (Skempton, 1961). The average results were:
C' 18 kPa 4)1=200
and the time of failure was about three or four days in each test.
i) The first method of determining Pk was based on the volume changes measured during
the consolidation stage of the triaxial tests. The clay samples under low cell pressures
swelled, and those under high pressures consolidated. The "equilibrium pressure"
corresponding to zero volume change could easily be found by interpolation. In figure
2.8, for example, which refers to 6. im depth, the equivalent vertical effective overburden
pressure was 62.7kPa and Pk was estimated as 110.1 kPa.
-35-
.4.
•
V
0
-L
-4
lb/ft'
2. Modelling considerations
Vtrt;COJ dcecvt
Ovtrb.rôi.r prLssur(.a 1310
c0p16.7 pt5.Suf& I 23001b,Y
Fig 2.8 Swelling pressure test (from Skempton, 1961)
ii) The previous method depends upon the assumption that the capillary pressure and the
equilibrium pressure are equal. In this second method however, which is related to the
results of suction tests, the capillary pressure is measured more directly, by determining
the pore water suction. A specimen is set up in the triaxial apparatus under a certain cell
pressure, and the pore pressure measured under conditions of no volume change. When a
steady reading of pore pressure is recorded, the effective stress in the specimen can be
evaluated, since it is equal to the cell pressure minus the steady reading of the pore
pressure. This effective stress is the capillary pressure. Comparing values of the capillary
pressure produced by this method, with corresponding values of equilibrium pressures
measured in method (i) (i.e. using swelling tests), Skempton (1961) concluded that the
two methods are in agreement.
iii) Finally, the capillary pressure can be deduced from the undrained shear strength,
estimated by undrained triaxial tests. In these tests, the effective stress in the sample
before shearing, is the capillary pressure and is given by the equation:
Pk a31Uf	 (2.10)
where the /U denotes the change in pore pressure during shear and ' is the minor
principal effective stresses at failure. But, since ia3 =0 in the test,
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Uf = A• lL(Y1 - 4a3f 	from eq. (2.8)	 (2.11)
and hence, as I Aa1-Aa3 I =2;, the capillary pressure can be evaluated from the
expression
Pk - a3 + A1 2;	 (2.12)
This last method of determination of p from strength tests, gave results that are
reasonably consistent with the other methods.
Skempton (1961) concluded that the results of all three methods were in agreement, and
showed that the capillary pressure was about twice the vertical overburden pressure.
Although Skempton's method of estimating K0
 is one of the commonest, it suffers from
the obvious drawback that considerable disturbance of the soil is caused either before or
while the actual measurements are being attempted (Wroth, 1972). Thus, before closing
this section, a theoretical approach introduced by Wroth (1972) for the estimation of
field values of K0
 with depth for a deposit of overconsolidated clay will be described.
Using this method, knowing only the values of the angle of the shearing resistance 4', the
plasticity index P1 and the maximum effective overburden stress it is possible to
predict the values of K, with depth. It appears, that Wroth's method was the first advance
on the indirect methods used by Skempton (1961) for estimating the variation of K ) with
depth in the London clay at the Bradwell site.
Figure 2.1 from section 2.1.1, depicts the simplified stress paths followed during both the
loading (normal compression) and the unloading stages of an overconsolidated soil. If
these two paths are replotted in terms of the stress ratio t (defined below in equation
2.14) against the natural logarithm of p'/p01, where p0' is the maximum pressure
corresponding to the point B, the curve of the unloading phase becomes a straight line
(figure2.9) and the loading line horizontal parallel to the ln(p'/p 0')-axis. The gradient of
the unloading line 1/rn, defined by the equation:
!. (2.13)
m iMn(p'/p0')
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The stress ratio TI is given by the equation:
q 3(1—K0)
TI = - =	 (for triaxial conditions)	 (2.14)
p 1+2K0
where q is the deviator stress q=(a'— ah') and p' is the mean normal
effective stress p' =!(a + 2ah).
11
Tlcn
Fig 2.9 Characteristic behaviour in one-dimensional swelling (from Wroth, 1972)
Data from a one-dimensional unloading test on Wabash river sand (Hendron, 1963) and
from a loading and unloading test on Bearpaw shale (Brooker, 1964) were plotted by
Wroth (1972), in terms of 11 and a logarithm of p'ip0'. Very similar plots had been
produced for other soils from test results quoted by Hendron (1963) and Brooker
(1964), and for series of tests on kaolin by Nadarajah (1972).
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Another soil property that influences m, the inverse of the gradient, is the plasticity index
(P1). It has been found that the values of m vary approximately linearly with the values of
P1; results from eight soils - two sands and six clays - listed below (table 1), are
reproduced from Wroth (1972), in figure 2.10.
Number	 Soil	 Value of m Plasticity Index	 Author
________ ________ ________	 %	 ________
1	 Wabash river	 1.60	 -	 Hendron
_______________	
sand	 _______________ _______________ _______________
2	 Pennsylvania	 1.54	 -	 Hendron
_______________	 sand	 ______________ ______________ _______________
3	 Chicago clay	 1.36	 10	 Brooker
4	 Goose Lake	 1.60	 16	 Brooker
_____________	 flour	 _____________ _____________ _____________
5	 Weald clay	 1.58	 20	 Brooker
6	 Kaolin	 1.87	 32	 Nadarajah
7	 London Clay	 2.26	 38	 Brooker
8	 Bearpaw shale	 2.92	 78	 Brooker
Table 2.1: List of soils included in figure 2.10 (reproduced from Wroth, 1972)
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Fig.2.1O Variation of m with plasticity index (P1) (reproduced from Wroth, 1972)
Thus the distribution of K0
 with depth for London Clay can be derived using the
equation:
in ( p'/p0 = m (i -	 (2.15)
with values of m appropriate for the plasticity index P1 chosen from figure 2.10, and
assuming that the value of 1( for the normally consolidated condition is equal to 0.67
(predicted from Jaky's equation K0 = 1 - sin4)', where 4)' 20°). Wroth went on to apply
this method to data from Bradwell and to compare the results with the distribution of K0
with depth, estimated by Skempton.
The plasticity mdcx for the soil at site at Bradwell is approximately 65%, which is the
value estimated by Skempton, and used also by Wroth. Because of the linear relationship
between the inverse of the gradient m and the plasticity index P1, as is shown in figure
2.10, if P1 = 65%, the value of m can be estimated; m=2.66. Likewise, knowing that K0
for normally consolidated conditions is equal to 0.67, can be calculated using equation
2.14; r10=0.423. Taking in account these two values of m and r10, the stress history of the
particular soil during loading and unloading can be plotted, in terms of (ln(p'/p0'), ri). In
this graph (figure 2.11) the loading phase is a horizontal straight line crossing the
r(=q/p') - axis at i = 0.423, while the unloading stage is described by another straight
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line, having gradient 1/m=0.376, and crossing the loading-line at a point with co-
ordinates (1,0.423).
Fig 2.11 The stress history for the site at Bradwell
Rearranging equation 2.14 to make K0
 the subject:
K=_3—il
2il+3
(2.16)
Hence, from figure 2.11, which describes the stress history of the particular soil, for any
different value of ln(p'/p0'), a corresponding value °il can be estimated, and by means of
equation (2.16), the corresponding value of K0
 can also be predicted.
The values of K0
 may be plotted in terms of a dimensionless parameter zJz0
 representing
the depth. Assuming that the overconsolidation has been produced by the erosion of a
certain depth of overburden, and neglecting possible complications of recent stress
history due to cyclic overconsolidation, z0 is the equivalent depth of the removed
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overburden. The different values of z represent the depth existing below the surface. If it
is assumed that the unit weight of the soil is constant with the depth, then:
(y—y)(z0 + z)
OCR = oh1 =	zJz,= 1I(OCR-1)	 (2.17)
where OCR is the overconsolidation ratio expressed in terms of the vertical effective
stresses, i.e.:
OCR=aIa'	 (2.18)
The expected variation of K0 with zJz0 was plotted by Wroth, 1972 and is reproduced
here in figure 2.12.
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Fig 2.12 Variation of K0 with depth for deposits of London Clay at Bradwell (from
Wroth, 1972)
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Finally, the curve of K0 was compared by Wroth (1972) at a larger scale with the
individual points of field data from various depths, taking as z 0 the value suggested of
1 52m, by Skempton. Additionally, the distribution of K0 was drawn with the value of z0
chosen to make the correlation as close as possible (z0=259m). These two figures are
reproduced below as figures 2.13 and 2.14. According to Wroth, such agreement should
be considered to be fortuitous, but on the other hand, it underlines the value of using
such a correlation as a qualitative check on estimations based on results from
"undisturbed" soil samples recovered from the site.
25	 3_K
005	 0•0
BRADWELL
5001t.
- 152m.
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Fig 2.13 Comparisons of values of K 0
 at	 Fig 2.14 Comparisons of values of K 0 at
Bradwell - z0=1 52m	 Bradwell - z0=259m
(from Wroth, 1972)
2.1.3 An example: the stratigraphy of the London basin.
Many of the major cities of the United Kingdom, including London, are located on
overconsolidated sedimentary clay deposits. The clay beneath London is known as
London clay. In this section, some published data and typical borehole records will be
reproduced, giving both a more comprehensive view of the ground in the London area,
and an indication of the problems faced in attempting to characterize an overconsolidated
clay deposit.
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One of the most important works relating to the determination of K0 in the
overconsolidated London clay is the investigation carried out by Skempton at Bradwell
in Essex, in 1961. The indirect methods that Skempton used for the estimation of the
variation of K0 with depth have already been presented and discussed in the previous
section.
Skempton's work provides us with useful information about the ground of London area.
London clay is a marine formation of Lower Eocene age. The maximum extent of the
London clay sea is shown in figure 2.15 (after Davis and Elliott, 1957).
Fig 2.15 Approximate coasts lines of the London Clay sea at its maximum extent (from
Skempton, 1961)
During Skempton's investigations, several borings were made, with the deepest
penetrating to a depth of about 60 m. The exact geological section of this bore hole is
depicted in figure 2.16.
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Fig 2.16 Geological section (from Skempton, 1961)
In the above geological section it can be seen that the London clay extends from a depth
of 2.75m to a depth of about 50m, and that the uppermost stratum consists of 2.75m soft
Marsh clay (post glacial). Its full thickness in Essex, being equal approximately to 1 50m,
has been maintained at Ingatestone, about 20 miles west of Bradwell, and perhaps, in
later geological periods, a further net thickness of about 45m of sediments was
deposited. Since the London clay at Bradweil now extends to a depth of only 50m, it
seems that erosion has caused the removal of about 1 50m of sediments. Assuming that at
the time of maximum deposition, the ground water level was near the surface, the
reduction of the effective overburden pressure, because of the erosion, would be
approximately 143 5kPa.
Soil profiles taken from several more recent construction sites are presented in table 2.2
below, and the corresponding boreholes are shown in figure 2.17. The authors, locations
and descriptions of the ground, are listed in table 2.2. Additionally, figure 2.17 shows
typical borehole logs at their sites drown so that the x-axis represents the upper surface
of the London Clay.
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Author	 Location of the Summary description of the geological
work	 section
_______________ _________________ 	 Depths	 Description
Burland	 & New Palace Yard 0-lOm	 sand and gravel
Hancock (1977) Underground Car 1O-44m	 London Clay
Park	 44-end	 of Woolwich and Reading beds
________________ __________________ borehole 	 __________________________
Tedd,	 Chard, Bell	 Common O-2m	 firm silty clay with some
Charles	 & tunnel, near Epping	 gravel
Symons (1984)	 2-6.5m	 brown, silty, very sandy clay
6.5-at	 least London Clay
26m (end of
_________________ ___________________ borehole) 	 ___________________________
Simpson, Riordan Neasden Underpass 1.5- 25m (end Brown London Clay and next
& Croft (1979)-	 of borehole)	 of Grey London Clay: stiff,
after	 Sills,	 fissured, silty
Burland	 &
Czechowski__________________ ______________ __________________________
Symons & Carder A329(M), Berkshire 1-3m	 Quaternary terrace gravels
(1989), Carder & / Reading	 3-18m (end of Eocene London clay (Below
Symons (1989)	 borehole)	 about 14.5m the clay is very
________ _________ _______ stiff)
Symons & Carder A3,	 Kingston O-2m	 made ground
(1989)	 Bypass in Surrey	 2-15m (end of London Clay
borehole)	 (from the depth of about
6.5m exists stiff-hard fissured
__________________ ____________________ _______________ clay
Potts, Knights & George	 Green 0-im	 made ground
Atkins	 and tunnel, N. London 1-2.5m	 Boyn Hill Gravel
Partners	 2.5-5.5m	 weathered London Clay
5.5-37m (end London Clay
of borehole)
Table 2.2: Soil profiles from various sites in or near to London
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ground level
Fig 2.17 Boreholes from various sites in or near London
Although it would not be accurate to draw general conclusions from only six soil
profiles, the figures presented in the table 2.2 indicate that the ground in London area,
below a depth of approximately 2.5 - 3m from the surface, consists of London Clay. An
exception to this is the site at New Palace Yard, where the layer of London Clay begins
deeper, at a depth of about lOm. At the site of Bell Common tunnel that London Clay
starts from the depth of 6.5m, the soil below a depth of 2m consists of firm silty clay.
However, it should be recalled that, the variation of I( with depth might differ from one
place to the other, for the reasons that were discussed in a previous section. Thus, while
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it might be concluded that the K0 distribution with depth as predicted by Skempton for
the Bradwell area could be accepted as being reasonable general, it would first be
necessary to investigate the possibility that more recent episodes of reloading at a
particular site may have altered such a general K 0 distribution considerably.
2.2 Bentonite and concreting processes.
The diaphragm wall technique dates back about 40-45 years. Its first application was in
the construction of slurry cut-off walls. Continuing research work on concrete
technology in parallel with the increase in practical experience, allowed the diaphragm
wall to develop into a convenient reinforced concrete foundation element, which is
suitable for the use in a number of constructions, such as retaining walls or subway
tunnel walls (Kienberger, 1974). The diaphragm walling contractors' methods for
achieving a dense, impermeable concrete wall, have often been the subject of
considerable argument or debate. Recently, several engineers such as Sliwinski &
Fleming (1974 & 1977), Hutchinson, Daw, Shotton & James (1974), Hodgson (1974),
have dealt with the consideration for controlling the procedures and placing of bentonite
slurry and concrete during diaphragm wall installation, and attention was drawn to the
effect of the slurry properties on the functions required for a successful support of the
excavation. This allowed limits to be set on most of the bentonite suspension properties,
defining a slurry which is acceptable for each function and for the overall excavation
process.
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2.2.1 The behaviour of bentonite suspension and concrete during diaphragm wall
installation
2.2.1.1 Bentonite slurries
1) General information
The term bentonite was first applied to a specific mineral deposit found in Wyoming,
USA, which was essentially sodium montmorillonite (sodium being the excangeable
cation attached to the basic molecule). This material has the ability to swell considerably
on wetting by the adsorption of very large quantities of water. A second type of
bentonite, was also found with a lower degree of swelling, usually termed non-swelling.
The latter material, which is produced in UK is essentially calcium montmorillonite.
Sodium bentonite is more useful in the construction of diaphragm walls and therefore, in
the context of its civil engineering application, the term "bentonite" refers to the sodium
montmorillonite form (Fleming & Slawinski, 1977).
Digging a trench in clay causes a reduction of total stresses in the surrounding soil, which
is initially taken by a corresponding reduction in pore water pressures. When the
undrained shear strength of the soil is low or the groundwater level is high, collapse may
occur before the concrete is placed. Bentonite slurries are used in diaphragm walling
techniques in order to overcome the problem of collapse.
The bentonite slurries have to carry out a wide variety of functions, some of which place
conflicting requirements upon their properties. The most important function of the
bentonite suspension is to support the sides of the trench and prevent them from
collapsing. In order to do this, the bentonite slurry must remain inside the excavation and
not flow into the soil. The bentonite must be capable of clean displacement by concrete,
with no subsequent interference with the bond between the reinforcement and the set
concrete, and it must also be reasonably easy to pump. The last two functions require
very fluid slurries, while the first two need thick, dense slurries. This conflict of
requirements suggests that in the reality, it is very difficult for a bentonite slurry to be
able to fulfil all these functions simultaneously, and consequently in construction, some
degree of tolerance is usually allowed ( Hutchinson et at, 1974).
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In the current research, the most essential functions are those related to the interaction
with the soil, i.e. the support offered to the sides of the trench and to a lesser extent the
potential loss of bentonite suspension by penetration into the soil. These will be discussed
more fully in section 2.2.1.3 of this paragraph and in chapter 3.
ii) The filter cake formation of the bentonite slurry
Bentonite suspension will only form a seal on the soil surfaces which it contacts if the
fluid pressure within the trench exceeds the external groundwater pressure, and if the
permeability of the soil is in within certain limits. Generally, a seal might be formed by
one of three different mechanisms, depending on the nature of the soil: a) surface
filtration, b) deep filtration, and c) rheological blocking. Details of each are given below.
a) Surface filtration
As the formation of a filter cake depends on some degree of fluid loss, it is not normally
possible to find any significant filter cake formation in low permeability soils. The
mechanism that usually operates during the formation of a seal in soils such as clay, is
surface filtration (Fleming & Sliwinski, 1977). Surface filtration occurs when the sealing
of the sides of the trench is initiated by the hydrated bentonite particles as shown in figure
2.18.
-50-
2. Modelling considerations
-,
V I Benionite suspension
'I,
	
\	 ,
/ ',
—	
'	 Hydrostatic
	
'	
-,	 pressure
, I,,
.'	 , / Bensonite particles
1'',/_, /
'\\\\ ,./
,'
/, \
'; <'::
Brntonte lilter cake
formed by clogging and bridging
Fig 2.18 Surface filtration (reproduced from Fleming & Sliwinski, 1977)
Very little bentonite penetrates into the soil, but because of the finite permeability of the
filter cake, some water continues to move from the bentonite into the soil. Water lost in
this way is referred to as fluid loss. However, experimental results (Fleming & Sliwinski,
1977) show that after a period of "high" fluid loss during the formation of the filter cake,
the fluid loss decreases with the time according to the relation:
V = m T 1/2
	 (2.19)
where V = total loss of fluid
m = constant
T = time
The expression 2.19 describes the reduction in fluid loss with the time due to the gradual
build up of the filter cake by surface filtration.
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b) Deep fi1tratio
Another mechanism by which a "membrane" is formed between the slurxy and the soil, is
deep filtration. This mechanism occurs when sluriy penetrates into the soil pores and
slowly clogs them. Eventually a filter cake is formed, which may extend many millimetres
into the soil (Fleming and Sliwinski, 1977). This mechanism is shown in figure 2.19.
However, according to Fleming & Sliwinski, deep filtration cannot be as effective, as soil
stability mechanism, as surface filtration, because of the time taken to establish the filter
cake, during which pore pressures in the soil can rise.
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Fig 2.19 Deep filtration, reproduced from Fleming & Sliwinski (1977)
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c) Rheological blocking
A third mechanism is rheological blocking, which occurs when the slurry flows into the
ground until restrained by its shear strength. The penetration distance L is given
approximately by the expression:
Pa2itczLG = ux 2P L = -	 (2.20)
2G
L
where L = distance penetrated 	 I	 I
P = driving pressure
G = slurry shear strength
a = effective pore radius
This mechanism operates when bentonite is found some meters away from the sides of
the trench, and occurs especially in gravel or fissured soils. As a stabilising mechanism,
rheological blocking is even less effective than deep filtration. This is not only because of
the time taken to form the seal, during which the pore pressure can rise, but also because
as the slurry penetrates into the soil, the angle of internal friction is reduced, and hence so
is the stability of the trench.
iii) The effects of the concentration of bentonite slurry and its potential
contamination on the fluid loss.
The ideal for a stabilising suspension would be to establish its seal quickly with as little
initial fluid loss as possible. The preferred mechanism is therefore surface filtration. For
bentonite slurries produced in the 13K using converted calcium bentonite, research has
shown that there appears to be a "cut-off' concentration of between 4 and 4.5%
bentonite, below which initial fluid loss rises rapidly even in soils with quite low
permeability. This can be seen in figure 2.20 (Hutchinson et al, 1974).
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Initial fluid loss;
Fig 2.20 Initial fluid loss versus bentonite concentration.
Additionally, during the excavation and placing of concrete, the bentonite slurry can be
contaminated by particles either of the soil itself, or of cement or of sand. How seriously
this affects the filter cake is determined mainly by the chemistry of the bentonite itself. It
is important to point out however, that cement contamination can change the blocking
mechanism, resulting in a thick, permeable filter cake with a far higher rate of fluid loss,
figure 2.21, (Hutchinson et al, 1974). Hence, it is important to try to avoid the
contamination of a slurry, in order to reduce the fluid loss through the filter cake.
Cement dditlon: 7.
Fig. 2.21 Effect of cement contamination on fluid loss.
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2.2.1.2 Displacement of bentonite by concrete
When the excavation of the trench under bentonite has been completed, and any
reinforcement necessary to the finished structure has been placed, the displacement of the
bentonite slurry by denser concrete must take place. Concrete has to be poured into an
excavated trench under bentonite, through a tremie pipe, displacing the fluid completely.
These are the idealised conditions: however in practice, this displacement depends to a
large extent on properties of bentonite slurry and concrete that are not always known,
and also on the skill employed in using the tremie technique (Fleming & Sliwinski, 1977)
The modern concrete industry has been in existence for over a hundred years. Concrete
technology is now highly developed, and mix design for producing high strength, highly
workable mixes is well-understood. The specification for concrete used in diaphragm
walling must fulfil the criteria relating to strength and durability. In addition, low
permeability is usually an important feature of such walls.
The most important of the characteristics of the concrete is a high workability during
placement. As recommended by the Federation of Piling Specialists (Specification for
Cast in Place Concrete Diaphragm Walling, 1973), in order to produce this type of mix,
a mortar (sand and cement) is required with a minimum cement content of 400 kg/rn3
(Hodgson, 1976). The mix must be of plastic consistency, behaving as a heavy fluid,
because if its shear strength is too high, the lateral (active) pressure which it exerts, may
be insufficient to displace the bentonite slurry with which is in contact. Additionally, it
must not set nor stiffen very quickly, but should remain workable until the panel is
completed (Sliwinski and Fleming, 1974).
Experience has shown that it is necessary to produce full displacement of the bentonite
slurry by the concrete, in order to achieve a successful diaphragm wall installation. The
displacement process itself is quite complicated, and has been studied both theoretically
and practically at Cementation Research Ltd (CRL). Their research has shown that, if
the density of the slurry increases because of external reasons, such as mixing of the
slurry with sand and silt, then the concrete might be unable to displace it cleanly from the
excavation base. The plastic viscosity of the slurry is also involved in the displacement of
the bentonite (Hutchinson et a], 1974).
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Likewise, the theory normally applied to diaphragm wall processes assumes that both
materials (i.e. the bentonite slurry and concrete) behave in effect as Bingham Bodies.
This means that their behaviour, up to certain volume of shear stress, is elastic, producing
filly recoverable strains, while above this stress, they flow like liquids. Thus the flow
properties can be defined by the yield stress and the plastic viscosity. Some typical
maximum and minimum values encountered in practice are shown in Table 2.3 (Fleming
and Sliwinski, 1977).
Material	 Yield stress	 Plastic Viscosity	 Density
___________	 (kNIm2)	 (kNs/m2)	 (Kg/rn3)
Concrete	 0.250-1.000	 -	 2200-2500
Bentonite	 0.000 - 0.025	 10 - 5x1& 5	1020- 1300
Suspension_________________ _________________ _________________
Table 2.3: A comparison of flow properties of bentonite suspension with wet concrete
(Note: 1cP=10 kNs/m2)
The yield stress of the bentonite is very much lower than that of the wet concrete. Hence,
assuming that the concrete has enough shear stress on it to move, it can be very effective
in cleaning the bentonite slurry from the vertical surfaces. However, the concrete itself
will not be sheared until only very thin bentonite layers remain in surface irregularities in
the sides of the trench.
Alternatively, a theoretical analysis of the displacement of slurry from vertical surfaces,
supported by laboratory tests, shows that the plastic viscosity of the bentonite slurry
should not exceed 2x10-5 kNs/m2 . According to this model, a layer of slurry remaining on
the surface would be absorbed by the concrete if it were less than 10.2 cm thick, and thus
would not interfere with the bond between the concrete and reinforcement (Hutchinson
et al, 1974).
A failure to displace bentomte from the trench (incomplete displacement) can cause
several problems. Bentonite undisplaced from reinforcing bars might reduce the bond
between the steel and the concrete. Similarly, bentonite left on the sides of the trench
could reduce friction at the soil/wall interface, which is something that should be taken
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into account in design. However, according to Sliwinski and Fleming (1974), the
bentonite does not affect the skin friction in relatively impervious soils such as clay. In
granular soils the bentonite may have more effect. Generally, however, the soil/wail
friction does not seem to be significantly reduced when walls are constructed under
bentonite slurry.
2.2.1.3 Effects of bentonite and fresh concrete in contact with the soil
(a) Potential loss of water from the bentonite slurry into the soil
It has already been mentioned that, in the current research, the most important function
of the bentonite, apart from the provision of support, is the potential loss of water from
the bentonite suspension, due to penetration into the soil. The reasons for this will be
discussed later. From the previous discussion of the properties of bentonite slurry, the
points listed below can be made:
1) For a slurry whose bentonite concentration is less than 4-4.5%, the initial fluid
loss rises rapidly. The usual practice is to keep the concentration of the bentonite
above 4%.
2) Usually, in soils such as clay, the mechanism operating during the formation of the
seal is surface filtration. This causes less initial fluid loss than the other sealing
mechanisms, which operate in coarser soils.
3) Contamination by clay or sand might affect the bentonite slurry, causing a filter
cake which is thicker and more permeable than usual, increasing the rate of fluid loss.
While this might hasten the collapse of the trench in the long term due to softening,
the most important practical effect is that the thick filter cake may form a permanent
undesirable layer between the concrete and the soil.
It should be stated that the last point is not relevant to a well-installed diaphragm wall
panel, but it is appropriate to mention it at this stage, since it is a potentially important
practical factor causing possible fluid loss.
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In order to investigate the potential loss of water from the bentonite slurry into the soil
during the wall installation, some simple laboratory tests have been carried out. Four
cylindrical samples of kaolin, taken from a model which had already been tested in the
centrifuge, were left in their metal coring tubes, and sealed carefully at one end with wax.
On the top of the other ends of two of the samples, bentonite slurry (4.5% bentonite in
water) was poured, and afterwards they were covered with plastic film in order to
minimize evaporation. One end of each of the other two samples were immersed in
water. All four samples were left for 24 hours; this being the maximum period of time
that the bentonite suspension would normally remain in the trench before its displacement
by the concrete. After the 24h period of contact with either the bentonite or the fresh
water, the samples of kaolin were removed from the tubes and cut up into slices at
specific distances, as shown in figure 2.22a, for moisture content determination. Figure
2.22b shows how the water content of the four samples varied with distance from the
end, while figure 2.22c shows the change in moisture content with distance.
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(b) Variation of moisture content with distance from the kaolin sample
It should be pointed out that this figure refers to bentonite in the hole, not concrete (as in
Milititsky, Jones and Clayton, 1982). The basic mechanism (which is swelling in response
to lateral stress relief) is the same whether there is water, concrete or bentonite in the
trench. What is at issue, is the ease with which water transfer from the trench to the soil
may occur.
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(c) Changes in moisture content with distance from the kaolin sample
Fig 2.22 Results of simple laboratory tests
The results show that, when instead of bentonite slurry, fresh water is in contact with the
soil, the change of water content in the soil (here kaolin) is much more significant. They
also indicate that significant soil swelling during the excavation of a diaphragm wall panel
under bentonite sluny is unlikely to occur except within approximately 20mm of the
trench. The results of the tests confirm the general point that the loss of water from the
bentonite slurry to the clay during diaphragm wall installation is negligible.
(b) The lateral pressures during the wall installation, due to wet concrete
A further point is the effect of wet concrete on the adjacent soil. Wet high slump
concrete must apply total stresses to the sides of the hole or trench into which it is
poured, but unfortunately, it is difficult to assess accurately the variation of these
horizontal stresses with depth. Clayton and Milititsky (1983), point out that in the past,
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several researchers have tried to estimate the distribution of lateral stress with depth,
using formwork codes and other forms of analysis. However, each of the previous
approaches was applied to a different geometry or different qualities of mixes, making
them inappropriate for comparisons between each other. Clayton and Milititsky (1983)
report data from DiBiagio & Roti (1972) and Uriel & Otero (1977), which are
reproduced in figure2.23 (Clayton & Milititsky, 1983). Figure 2.23 shows the lateral
pressures during concreting of diaphragm wall panel, as measured by DiBiagio & Roti
(1972) and Uriel & Otero (1977).
Lateral concrete pressure, kN/rn
0	 100	 200	 300	 400	 500
Fig 2.23 Total horizontal stresses between fresh concrete and soil (from Clayton &
Milititsky, 1983)
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The results of both studies are in reasonable agreement, indicating that at shallow depths
the lateral stresses appear to correspond approximately to the hydrostatic pressures of
wet concrete, while at deeper levels the pressures increase less quickly with the depth.
One possible explanation for this observation is that the concreting of diaphragm wall
panels (because of their large size) can last a considerable time, so that, the deeper part
of the trench can begin stiffen before the upper part of the concrete has been placed.
(c) The moisture transfer between soil and wet concrete
Finally, another concern is the potential moisture transfer between soil and wet concrete.
According to Clayton & Mllititsky (1983), several researchers (among them, Meyerhof&
Murdock, 1953; Skempton, 1959; Burland, 1963; Taylor, 1966; Chandler, 1977) had
carried out simple tests, such as the determination of moisture contents in both the field
and the laboratory, in order to investigate any possible swelling of the soil during
concreting. There is considerable agreement between their results, indicating that there is
significant swelling between 20 and 70 mm from the soil/concrete interface. Many tests
results show swelling zones about 50 mm thick. An increase of zero to 7-10% in
moisture content, and commonly up to approximately 6%, has also reported. Given the
variation in geometly and soil type amongst the reports of soil softening, this agreement
is quite surprising (Clayton & Milititsky, 1983).
Clayton & Milititsky (1983) also presented results from a simple laboratory test, in which
it was attempted to reproduce conditions at the concrete/soil interface. After placing a
cylindrical sample of clay on the base pedestal of a triaxial cell and pouring the concrete
into a mould above it, the assembly was sealed by a membrane and subjected to a cell
pressure. The clay sample was left under that pressure in contact with the sand/cement
mortar for a period of time, after which the clay was removed and cut up into slices, in
order to determine the variation in moisture content with distance from clay/concrete
interface.
Although tests such as these (and those reported earlier when samples of clay were left in
contact with bentonite) are simple in concept, considerable care must be taken in their
preparation, in order to avoid potential problems caused for example by the relative
inaccuracy of moisture content determination compared with the variability of the
specimen. The results of the tests are shown in figure 2.24.
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Fig 2.24 Laboratory tests results on remoulded London Clay in contact with cement
(from Clayton and Milititsky, 1983)
Figure 2.24(a)' shows the variation of the moisture content in clay with the distance, for
two different cell pressures, and for a specific cement ratio. According to Clayton and
Milititsky (1983), the results are similar to those quoted by other researchers. As the cell
pressure is increased, the pore pressures in the concrete increase by less than those in the
clay, resulting a reduction at the migration of the water.
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The effect of water/cement ratio on the moisture contents measured in the soil, is shown
in figure2.24(b). These results show that the water/cement ratio plays a significant role in
the amount of swelling which occurs in the soil adjacent to the concrete. As the
water/cement ratio is decreased, significant negative excess pore water pressures might
be generated in the soil, as the moisture content of the soil is reduced (rather than
increased) by contact with the concrete. For most practical water/cement ratios,
however, water will tend to move from the concrete to the soil.
Clayton and Milititsky (1983) suggest that, the fact that different researchers have
produced similar data concerning the increase in the moisture content of various soils in
contact with wet concrete, is probably the result of the domination of the process by the
concrete rather than by the soil. Fresh, wet concrete has a high permeability in
comparison with most clay soils. When the concrete is placed in the trench, swelling of
the soil is initiated, but simultaneously the pore pressures in the concrete start to fall
rapidly as hydration of the cement begins (figure 2.25). Within a few hours, the pore
pressures in the concrete have fallen to such a level that swelling on the soil/concrete
interface is prevented, and may be partially reversed. After the end of the hydration, and
during the setting of the concrete, no further significant flow occurs from or to the
concrete.
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Fig. 2.25 Pore pressures in fresh concrete as measured in cylindrical samples ( from
Clayton & Milititsky, 1983)
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Experiments by Mllititsky, Jones and Clayton (1982), using a radioactive "label" (tritium)
to observe the movement of the water into the soil, confirm that the moisture content
increase decreases rapidly as the sampling point is moved away from the concrete, and
that at a distance of 50mm the radioactivity is only 15% of its value at a distance of
10mm.
Finally, it is interesting, to point out that, moisture transfer between the soil and the
bentonite suspension or wet concrete can be regarded as a consolidation problem. Hence,
although for a soil with given consolidation characteristics the magnitude of the changes
in moisture content at any time will depend on the initial pore pressure difference
between the soil and the bentonite suspension (or the wet concrete) at any depth, the
furthest distance from the drainage boundary at which pore pressures in the soil have
started to change should not.
The distance from the trench, provided that the bentonite suspension or the wet concrete
can be regarded as highly permeable in comparison with the soil, at which pore water
pressures have begun to change may be estimated on the basis that the isochrones are
parabolic in shape (figure 2.26):
l=1J12ct	 (2.22)
where c is the coefficient of consolidation and t is the elapsed time since the start of
consolidation. (In effect, in this case also, the whole trench has to be regarded as be filled
with fresh water, instead of bentonite slurry or wet concrete, so that the approximation is
only valid for the initial stages of each process, i.e. before the filter cake forms or before
significant hydration occurs).
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negative excess pwp
Fig 2.26 Parabolic isochrones next to the trench
The affected distances from the trench after 1 day (l i ) (the time needed in reality for the
excavation of the trench under bentonite slurry), and after 30 days (lw) (the time needed
for the concrete to gain its full strength), are given in Table 2.4 below:
Soil	 consolidation coefficient 	 length (one day)	 length (30 days)
__________________	 (m2/s)	 l (m)	 (m)
London Clay	 4.4x10-S (Craig) 	 0.21	 1.16
London Clay	 4x108(Atkinson)	 0.26	 1.11
Kaolin	 2.5x10 (Powrie)	 1.6	 8.81
Table 2.4 Affected distances from the trench due to consolidation
According to the laboratory results given in figure 2.22, the affected distance with fresh
water in the trench may be approximately twice the affected distance with bentonite
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slurry. Although this is only a simple approximation, and it is not possible to draw firm
conclusions from the results of four only specimens, the laboratory results indicate that
significantly less transfer of water to the soil will occur from bentonite slurry than from
water, and consequently the same should be expected for the case of wet concrete. This
is confirmed by comparison of the experimental results of Clayton and Milititsky (1983)
with the results of the consolidation calculation given in Table 2.4.
At this stage it should be pointed out that, the above results relating to the transfer of
water to the soil, gives only a rough estimate of the exact affected distances in the field.
This is mainly because the situation which is generally simulated in a laboratory test is
unlikely to be exactly the same as that in reality. Nonetheless, it seems reasonable that
neither the bentonite slurry nor the concrete (mortar) allow significant flow of water into
the main body of the soil adjacent to the sides of the trench during the diaphragm wall
installation.
Furthermore, at the concreting stage there might be a residual film of bentonite between
the concrete and the soil. This will reduce moisture transfer still further, and was not
modelled by Clayton and Milititsky (1983) or Milititsky et al (1982) in their experiments.
Hence, it can be assumed for the purpose of the centrifuge model that the boundaries
next to the sides of the trench are effectively impermeable during the diaphragm wall
installation process.
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The design of the centrjjiige model
In this chapter, an introductory discussion about the centrifuge technique is presented.
The centrifuge modeffing procedure, including the preparation of the model, is then
discussed; and the simulation of the stress history of an overconsolidated clay deposit,
and the excavation and casting of the waIl during the centrifuge tests, are described in
detail. Finally, the boundary conditions and the instrumentation of the model are
discussed, and a summary table of the centrifuge tests reported in this dissertation is
presented.
3. The design of the centrfuge model
3.1 General information
In recent years, the centrifuge modelling technique has become accepted all over the
world as an accurate and convenient method for simulating a number of geotechnical
events. This simulation is achieved by using scale models, which have approximately the
same geometry and the soil properties as the idealised full scale construction or
"prototype". If the scale of the centril.ige model is 1/n, then the two principal features of
the centrifuge technique are:
(I) the increase of the self-weight of the model, as the acceleration of the centrifuge is
increased to n gravities, means that the self-weight stresses are the same at
corresponding depths in the model and in the field construction; and
(ii) consolidation processes involving pore water pressure dissipation take place n2 times
more quickly in the centrifuge model than in the corresponding full scale structure.
When the centrifuge is running, the scale model in the centrifuge experiences the
physical effect of the centrifugal acceleration of n gravities, while the prototype in reality
should experience identical physical effects of the earth's acceleration field of one
gravity, as shown in figure 3.1. It is known that the potential interactions of an
acceleration field and the nucleus of each atom within the material, control the physics of
the body forces. Hence, because both the earth's gravitational field and the radial
acceleration field of n-gravities in the centrifuge should cause identical physical effects to
both the prototype and the scale model, there should be no material difference between
the full-scale structure and the centrifuge model test (Schofield,1988).
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Prololype
	 Model
Fig 3.1 Gravity effects in a prototype and the corresponding inertial effects in a
centrifuge model (reproduced from Schofield, 1980)
This has the result that a properly defined material property should not be affected by
acceleration, so that both the scale model and the prototype should have identical
properties, assuming that they both consist of the same soil. It is well known, however,
that soil parameters such as stiffness are significantly affected by the stress state. It can
easily be proved that the self-weight stresses applied to the scale model in the centrifuge
are identical to the stresses applied to the prototype at corresponding depths: hence the
important aspects of soil behaviour in the field should be reproduced in the model.
In table 3.1, the scaling factors for some of the basic model parameters are shown.
Derived scaling relationships for some quantities, related to the length, are also given.
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Quantity	 Prototype factor
	 Model factor
Length	 n	 1
4&Jea	 1
Volume	 n3	 1
Self weight stress
	 I	 I at n gravities
Soil density	 1	 1
Stress	 1	 1
Strain	 1	 1
Elapsed time (consolidation process) n2
	
Table 3.1 Scale factors for the centrifuge tests.
Some of the advantages of using centrifuge tests for studying geotechnical problems are
listed below:
(i) the centrifuge model is more easily and reliably controlled, and less expensive to
operate, than the prototype.
(ii) the time that is demanded for several mechanisms, such as swelling and softening,
when the centrifuge modelling technique is used, is reduced by n2, where n is the scale
factor of the centrifuge model. This means that for an 1/100 scale model tested at lOOg,
a day in the centrifuge is equivalent to approximately 27.5 years at prototype scale.
(iii) the soil parameters, such as permeability, angle of shearing resistance and density
are identical to those of the prototype, and the soil stresses vaiy correctly from point to
point within the model.
However, there are some difficulties associated with the centrifuge model, since it is
necessary to produce all significant details of the prototype at a small scale. These
difficulties are mainly related to the instrumentation of the model and the simulation of
the geotechnical problem in the centrifuge. Those which are concerned with the specific
problem investigated in the current research will be discussed in detail in section 3.3 of
this chapter.
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The acceleration field of approximately n gravities in the centrifuge model will differ
slightly from the acceleration field of one gravity of the prototype, in certain respects.
The two main errors that could be caused by the acceleration field imposed on the
centrifuge model are described briefly below:
(i) The centrifuge gives a radial acceleration field, in which the rate of increase of
vertical effective stress in the model varies with the radius. This is illustrated
schematically in figure 3.2.
vertical stress
depth, z	 h - coincidere of stresses
H - Mi depth of model
Re Effective radius
Fig 3.2 Model stress error caused by the acceleration field
-72-
3. The design of the centrfuge model
In order to estimate the error due to the difference between uniform rate of increase of
vertical stress with depth in a prototype and the radially varying rate of increase of
vertical effective stress in a centrifuge, an integration is required (Schofield, 1980).
There is a depth at which the overburden pressure is exactly equal in both the prototype
and the model. After some quite simple calculations, which are presented in Appendix H,
it may be shown that the error in vertical stress between the scale model and the
prototype at a corresponding depth h, is given by the ratio:
4L
where R is the effective radius of the centrifuge and h is the depth of coincidence of
vertical stress. For the current centrifuge model, the effective radius is approximately
equal to 1.65m. The total height of the model is H=0.285m at model scale. It may also
be shown (Appendix H) that the depth at which the stresses are identical in both the
model and prototype is equal to two thirds of the total depth, i.e. h2/3H=O. 19m.
Hence,
A=--6L
where H is the full depth of the centrifuge model. In this case the maximum error
between the model and the prototype is approximately 2.87% (Appendix H).
(ii) A different type of error arises from potential model movements in the plane of
rotation. If particles have a radial component of velocity t within the container of the
centrifuge model, an extra term known as the Coriolis acceleration is added to the
expression for the acceleration. The Coriolis acceleration is a vector perpendicular to the
t and of magnitude equal to 2iO, where 0 is the angular velocity of the centrifuge. The
Coriolis error is given by the ratio of Coriolis acceleration to the centrifuge acceleration.
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0
• .	 a	 2wv 20f 2fConohs error =- = = - = -2
where 2 = ng
r8+2iO
?r2
As has already been mentioned, when the model is rotating in the centriftige, its vertical
axis coincides with the radius of the centrifuge. Any "horizontal" movement in the plane
of the model does not cause any Coriolis error. On the other hand, any "vertical"
velocity will tend to lead to a change in the direction of the moving particle, as
illustrated in figure3.3.
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Fig 3.3 Coriolis error due to vertical movements
If any particle rises up, then because of the Coriolis acceleration, it tends to move
towards face A, and if it slumps down, then it tends to move towards face B. This
problem occurred during the third phase of the current tests, when the concreting of the
wall was simulated. More details are given in section 3.3.1.2 of this chapter.
In the centrifuge models used in this research, the expected porewater seepage velocities
would be well under 1O rn/sec. At bOg, o23.34 rad/sec, and the maximum Conolis
acceleration occurring from this velocity is a = 2vw = 4.7x104
 rn/sec2. Hence, the
Coriolis error is equal to 2vIV = 2x10- 7 I 981 = 2.03x1& 8%, which is negligible. The
maximum velocity of the concreting powder from the hopper as it moves down into the
rubber bag, can be estimated from the distance travelled. This distance is equal to 90mm,
so the velocity is given by the following equation:
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Substituting the values of s=O.09m and a100x9.81 mis 2, it is found that : v=13.30m/s.
Thus the Coriolis acceleration for this velocity is a
-62O.3 rn./s2, and the corresponding
Coriolis error is 63%, which is not negligible. For this reason, deflector plates were
installed below the hopper in the centrifuge model in order to prevent significant lateral
drift of the concreting powder in free fall..
3.2 The centrifuge tests and the geometry of the model
In the current research, four different types of centrifuge test have been carried out, in
which the influence of the groundwater level and panel width (i.e. three-dimensional
effects) on ground movements and changes in pore water pressure during diaphragm
wall installation have been investigated. These are listed below:
(i) plane strain conditions, high groundwater table, excavation of slurry trench and
concreting of the wall.
(ii) plane strain conditions, groundwater table lOm below the surface, excavation and
concreting of the wall.
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(iii) excavation and concreting of a diaphragm wall panel (half the width of the
strongbox), high groundwater table.
(iv) excavation and concreting of a short panel (one quarter of the width of the
strongbox), high groundwater table.
At least one of each type of test has been carried out. In general, the geometry of the
centrifuge model is the same for all tests, although there are some slight differences in
the tests in which the installation of half and quarter width panels were simulated. The
centrifuge model, illustrated in fig 3.4, has plan dimensions 200mm x 550mm and depth
285mm. It is formed from a block of overconsolidated speswhite kaolin clay, with unit
weight approximately 17.5 kN/m3, contained within an aluminium strongbox with a
perspex viewing window in the front face. In the model, the diaphragm wall trench is
simulated by a 185mm - deep slot, Cut at the right-hand edge of the clay sample.
•I.	 •.	 . .--.- --.
Lb- 	 -	 S .	 .•	 1. .
Fig 3.4 View of the centrifuge model in the strongbox
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During the reconsolidation of the clay sample in the centrifuge, a rubber bag occupying
the trench was filled with sodium chloride solution of unit weight 11.4 kN/m 3 to a height
of 9m or so (at field scale) above the soil surface, giving an appropriate variation of
initial lateral earth pressure coefficient K0 (=/a'J with depth. This will be discussed
in detail in section 3.3.1.1 of this chapter. A rigid spacer below the slot was used to
reduce the effective half-width of the trench to 5mm at model scale. At a scale of 1:100,
the slot represented one half of a 20m length of an infinitely long Im-wide diaphragm
wall trench, 18.5m deep. The long and short panels represented trenches lOm and 5m
long respectively, at prototype scale. Two further rigid spacers were used in order to
move the plane of symmetry to the appropriate position, ie consistent with a trench of
5mm effective half-width at model scale. These are shown schematically in figure3.5.
extension of the rubber bag	 I	 -	 plane of
symmetry
effective half width
the trench (5mm)
soil surface	
/ber
rigid spacers next
to the rubber bag
front side of the model
: :!-
lower rigid spacer
(used in all tests)
Fig. 3.5 (a) The position of the rigid spacers in the centrifuge model
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rubber bag
rigid spacers next
to the rubber bag
Fig. 3.5 (b) The position of the rigid spacers in the centrifuge model in plan-view
The full 3-d effect was not modelled only in sense that the installation process
represented the simultaneous construction of a number of panels of a certain width at a
certain spacing. Modelling the full 3-d effect would have required a completely different
experimental arrangement, which was not feasible within the time and resources
available. The soil movements may be slightly higher than those which would have been
measured if the full 3-d effect had been modelled: this means that the application of the
results to reality will tend to err on the conservative side. In practice, the discrepancy is
unlikely to be significant. The purpose of the spacers was to position the effective
centreline of the model so as to represent a trench of half-width (O.5m). They lie outside
the boundary to the model, and are therefore otherwise irrelevant.
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3.3 The centrifuge modelling procedure
During each centrifuge test, the time that the scale model spends in the centrifuge can be
divided generally in four stages:
In the first stage, the clay sample was reconsolidated in the centrifuge at 100 gravities
for a period approximately two and a half hours, until equilibrium conditions were
reached. This means that the pore water pressures are steady and the rates of the soil
surface settlement are small enough that they can be ignored. In fact, in most of the tests
the clay would have been swelling back during "reconsolidation".
When reconsolidation was complete, the sodium chloride solution was drained down to
the level of the soil surface through a valve-controlled waste pipe (figs 3.6 & 3.11), and
the rubber bag was flushed through with fresh water, to simulate the reduction in
horizontal total stress caused during excavation of a diaphragm wall trench under
	
_.wpT .	 —
'I.
-.1I
S	 • 9	 6	 5
! .1k •	 S	 S s	 '!G
i1i
ii
*1
.:
Fig 3.6 Apparatus used in the centrifuge for simulation of excavation stage
When the reduction in horizontal stress was complete, it was considered that the second
stage of the test was finished, and the procedure of concreting could start. The elapsed
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time during the simulation of the slurry trench excavation in the centrifuge was between
60 to 100 seconds, depending on the size of the trench. This is likely to be at or beyond
the upper limit of the time during which a trench would in reality remain open before the
concrete is placed. At field scale, the bentonite procedure usually lasts for twenty-four
hours or less, corresponding to approximately 9 seconds in the centrifuge. It was not
possible to simulate excavation this quickly.
Concreting was simulated by using a pneumatic piston to open a shutter at the base of a
hopper, mounted above the trench (figs 3.7 & 3.11), which allowed a mixture of plaster
of Paris, cement, fine sand, iron powder and tungsten to fall into the rubber bag. The
mixture set in approximately 7-10 minutes, corresponding to 50-70 days at field scale,
during which time the "concrete" gains its full strength. More details about the concrete
mixture, and the equipment used for the simulation of the concreting phase, are
presented in section 3.3.1.2 of this chapter. Finally, after the simulated concrete had set,
the centrifuge was left running for some further time (usually up to about 30 minutes),
before the machine was stopped and the test was concluded.
Fig 3.7 Apparatus used in the centrifuge for simulation of concreting stage
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It should be stated that these times are rather longer than would be usual in reality: 1 day
for the excavation of the trench under bentonite slurry (10 seconds at model scale), and
30 days or so for the concrete to gain its full strength (5 minutes at model scale), and are
probably more typical. As a result, the degree of excess pore water pressure dissipation
which would have occurred during excavation and concreting in the model is greater
than that which would normally occur in the field.
The more significant discrepancy is in the time taken to excavate the trench, with the
estimated difference in the time at model scale being between 50 - 90 seconds. It is
unlikely, however, that significant additional pore water pressure dissipation will have
occurred except within 38mm to 52mm at model scale (3.8m to 5.2m prototype scale) of
the flooded soil surface. (These values were calculated using the relationship
= .J12ct (m2/s), where t is the elapsed time and c, is the consolidation coefficient,
with c =2.5x10-6, Powrie, 1986). The pore water pressures below this depth should not
have started to change due to drainage from the soil surface or the base drain. In
excavation problems such as this, settlements due to shear are usually more significant
than swelling effects as negative pore pressures dissipate. Ground movements will
probably therefore tend to be larger than if the simulated excavation of the trench had
been carried out more quickly. This will be taken into account when the centrifuge
results are analyzed and discussed, in chapter 4 of this dissertation.
It should be also mentioned here that dissipation of negative excess porewater pressures
would have occurred only by drainage from the soil surface and the base, but not from
the sides of the trench, since (as has already discussed in chapter 2), the face of the
trench excavation was modelled as an impermeable boundary.
3.3.1 Preparation of the clay sample
The soil used in the model was speswhite kaolin, chosen principally because, for a clay,
it has a relatively high permeability, k=O.8x 10-p rn/s (Al-Tabbaa, 1987). Kaolin was
mixed with de-ionized water under a partial vacuum to a slurry with moisture content of
100%. Then, the slurry was poured into a consolidation press, where it was gradually
compressed one-dimensionally to a vertical effective stress of 1250 kPa. The sample was
allowed to swell back to a vertical effective stress of 2SOkPa (apart from 2 tests in which
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the vertical effective stress of at the end of unloading was 8OkPa). The stress of 25OkPa
is greater than that at the base of the sample under equilibrium conditions in the
centrifuge at 100g. so that the strain path experienced by the entire sample immediately
prior to the simulation of excavation should have been one-dimensional vertical swelling.
The two tests for which the unloading stress was 80 kPa, were carried out to facilitate
correlation with previous work by Bolton and Powrie (1987, 1988), and also to
investigate the effect of a recent stress change involving consolidation, as discussed in
chapter 2.
The laboratory preparation of the sample lasted about two to three weeks. At an average
effective stress of just under 25OkPa, the sample was removed from the consolidation
press and trimmed to the required depth of 285mm. A 185mm deep slot, simulating the
trench for the diaphragm wall, was cut at the right-hand end of the clay sample, and the
clay removed was replaced by the appropriate rubber bag (i.e. for the plane strain wall,
the long panel or the short panel). The rubber bag was filled with sodium chloride
solution of unit weight 11.4 kN/m3.
The strong-box is fitted with both a top and a base plate. All of its parts were assembled
fully, before the package was transferred to the centrifuge. Three tanks were attached to
the base plate in order to receive the fluids drained from the rubber bag during the
centrifuge test. The base-plate can be seen in fig 3.4, where the view of the whole model
is presented.
Additionally, two top-up tanks were attached to the top plate, before the assembly of the
strong-box took place. Later, just before the start of the test, one of the tanks was filled
with sodium chloride solution (of the same density as that with which the rubber bag had
been filled), and the other was filled with fresh water. The fresh water was used for
diluting the sodium chloride solution in the rubber bag during the second phase of the
test, as described in the previous section. The extra quantity of sodium chloride in the
first top-up tank was used to fill up the rubber bag to the required level once the
centrifuge was running at the required acceleration. The liquid in either tank could be
drained into the rubber bag by means of independent valve-controlled pipes. The top-
plate also held the LVDTs used to measure soil movements during the centrifuge tests.
The top plate is illustrated in fig 3.8.
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Fig 3.8 The top plate of the strong-box
The sequence of assembly for the strong-box (with the soil sample inside) can be
summarized as follows: initially, the upper plate, with the tanks, the valves and the
LVDT's placed on it, was attached to the sides of the box. Then, a pneumatic piston,
which controlled a shutter with holes at the base of a hopper, and the hopper itself, were
mounted above the trench (fig. 3.7). The base-plate was fixed in place, and finally the
model was instrumented, as will be described in the following section 3.3.3. The model
was then ready to be transferred to the centrifuge.
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3.3.1.1 Simulation of stress history in the centrifuge
The first stage of each centrifuge test, refers to a period during which the trench has not
yet been dug, while the second and the third, refer to the excavation under bentonite
slurry and to the concreting of the diaphragm wall trench respectively. For the
simulation of these two phases of the trench excavation, using the rubber bag technique
in the centrifuge, a certain geometly for the model and an appropriate density for the
used fluid should be chosen, in order to satisi' the following two requirements:
(i) The first was related to the fact, that for the first stage of the test, the total vertical
stress at the bottom of the trench should be approximately equal to the vertical stress at
the boundaries of the trench, at the same depth, taking into account the different unit
weights of the overconsolidated clay (y=17.5kN/m3) and the bentonite slurry
('ib=' 1.4kN/m3).
(ii) The second point is that, the high in situ horizontal stresses which result from the
stress history of an overconsolidated clay deposit should be simulated.
These conditions could be achieved by extending the rubber bag to a height h above the
retained soil surface, and filling it with salt solution of unit weight similar to bentonite
slurry.
The K0 distribution with depth is an indication of the stress state of the soil and depends
on its stress history. In order to produce in the centrifuge a realistic initial stress state,
the distribution of K0 with depth should be similar to distributions of K0 with depth
produced from field data from oveconsolidated clay deposits.
For the centrifuge model, an expression for K 0 as a function of h was derived, assuming
that the unit weights of the overconsolidated clay and the sodium chloride are
1 7.5kNIm3 and 11 .4kN/m3 respectively.
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_ah+z(-y)_h 11w hy
cY'	 (7s7w)Z	 z	 (y
Hence, for the above values of y and Yb' the equation for K0 is:
K0 
= h 1 1.14 + 0.14 •
0.75	
J	
(3.1)
Changing the value of h, different profiles of K 0 with depth could be produced.
In addition, the ratio of the vertical stress at the base of the trench to the vertical stress
in the soil at the same depth should be equal (at least approximately) to unity:
av.trenth yb(H+h)1	 (3.2)
y,H
where H is the height of the diaphragm wall.
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So, another condition that has to be fulfilled is:
)' (H+h)—y H	 (3.3)
Ideally, the variation of K0
 with depth, which is denoted by equation 3.1, should be
consistent with field data, while the ratio of the vertical stresses at the base of the trench
(equation 3.3) is unity.
These requirements are broadly fulfilled by a value of h of approximately 9m (at
prototype scale), with 'Yb=1 l.4kN/m2, yl7.5kN/m2 and H18.5m. In figure 3.9, the
profile of the earth pressure coefficient K0
 with depth, for the geometry of the centrifuge
model, is compared with field profiles for London Clay. It may be seen, that although
these values of K. are smaller than the field values, their variation with depth is not
dissimilar. Additionally, the ratio of vertical stresses at the base of the trench (equation
3.2) is approximately unity (0.97).
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Fig 3.9 Variation of K0 with depth
3.3.1.2 Detailed description of the simulation of bentonite and concreting stages in
the centrifuge during the tests
The simulation of concreting phase in the centrifuge was quite complicated, since
everything had to be controlled from outside, without stopping and restarting the
machine again. The idea of using a hopper, with a pneumatic piston for opening a shutter
at its base was adopted (fig 3.7). The size of the hopper differed from test to test,
depending on the width of the panel. The base plate had an appropriate number of holes,
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allowing the mixture to pass through when the shutter was opened at the start of the
concreting stage. The concreting mixture fell along curved paths because of the Coriolis
acceleration, as described in section 3.1. In order to minimize the curvature, small
vertical deflector plates, attached to the shutter, were fitted. These plates deflected the
mixture away from the right side A of the rubber bag (fig 3.3), as it left the hopper (fig
3.10), ensuring an even deposition of "concrete" powder within the rubber bag.
base plate of the hopper
Fig 3.10 The attached to the base plate vertical deflector plates
The ingredients of the mixture which was used for the simulation of the concrete, were
determined by experimentation. The requirements of the mixture are listed below:
(i) The unit weight when mixed with water and set, should be approximately equal to
24kN1m3
 - the unit weight of typical reinforced concrete.
(ii) The set-time should be approximately 4-5 minutes, which corresponds to the real
time (approximately 30 days) that the reinforced concrete needs to gain its fill strength.
(iii) The mixture should be homogeneous, and none of its ingredients should settle out in
the centrifuge prior to setting.
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After several trials, it was decided to use a mixture consisting of Plaster of Paris,
cement, fine sand, iron powder and tungsten in the following quantities:
Plaster of Paris: 900gr.
cement: lOOgr
fine sand: l7Ogr
iron powder ± tungsten: 700gr
These quantities refer to the model of the full length trench: for shorter panels, they were
reduced in proportion.
The only requirement that could not be fulfilled by the chosen mixture was the second
one, which relates to the set time. The mixture that was finally used set in approximately
7-10 minutes, which was the quickest that could be achieved. The effects of this
difference in the setting time on the results of the centrifuge tests, have already been
discussed in section 3.3 of this chapter.
3.3.2 Boundary conditions imposed on the model
It has already been mentioned (section 3.2) that, in the current research four different
types of centrifuge model have been used. In the two of them, where the construction of
the whole diaphragm wall was simulated, it was assumed that plane strain conditions
occurred. The plane vertical boundaries perpendicular to the model diaphragm wall,
should therefore ideally be rigid and frictionless. In the other two types of model
displacements at the edges of the box also occurred parallel to the box sides. The tests
strictly represented the simultaneous installation of a number of panels in a long line.
Within the model, however, some non-uniformity would be expected, and soil
movements were measured at both the centre and the edges of the panel.
In all of the tests, friction between the clay and the inside faces of the strong box might
occur. This friction, is not compatible with the assumption of the plane strain conditions.
In order to reduce this fri'ction, the inside face of the back of the strong-box was well-
lubricated with silicone grease. For the inside of the perspex window, a mould-release
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agent was used, so that the view of the model was not obscured. The strong-box used
in the model tests, is shown in figures 3.4 and 3.6.
The fluid pressure in the rubber bag was generally sufficient, at all stages of the test, to
exclude water from the interface between the rubber and the clay sample. The face of the
trench would not, therefore, have acted as a drainage boundary to any significant extent,
which means that, the interface between the soil and the trench was effectively
impermeable.
The level of the water table can in principle be set or varied by the researcher. It was
decided to model a full height groundwater level for all the tests apart from one, in
which a lower water table level was used. The plumbing used to control the
groundwater conditions within the centrifuge box is shown schematically in fig. 3.11.
Throughout the test, the groundwater conditions were predominantly hydrostatic. Water
was supplied to both the soil surface and to a sand layer at the base of the sample. The
layer of sand provided drainage during all phases of the centrifuge tests, and thus during
the reconsolidation stage, the length of the maximum drainage path and the
reconsolidation time were reduced by factors of two and four respectively.
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fresh water valve
fresh water
top-up tank
hopper
Sodium Cloxide
solution top-up
tank
Sodium Cloride
solution valve
rubber bag in
overflow	 tiezxh
clay
	 dump valve
sample
standpipe
Porasin
spacer
catch tanks
Fig. 3.11 Plumbing diagram for the model tests
3.3.3 Instrumentation of the model
The model was instrumented with Druck miniature pore water pressure transducers.
One Entran miniature total pressure transducer was used in an unsuccessful attempt to
measure the lateral stress next to the trench during the excavation under bentonite slurry
and concreting. Unfortunately, the readings from the total stress transducer were not
reliable. This was probably due to the thickness of the transducer. Additionally,
displacement transducers were used to measure the vertical movements. The
instrumentation of the full trench model is shown in figure 3.12.
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hopper
150	 100	 50 25\25
LVDT4 LVDT3 LVDT2LVDTr -
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-I- rubber bag inPP9.............PP8 ............ PP7'
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1901	 DD.
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clay
55	 I.__.f1Q?_._ spacer
550
Fig. 3.12 Instrumentation of fill trench model.
For the two other types of model (shorter panels), the position of the pore pressure
transducers were the same as shown in figure 3.12. Two rows of LVDT's were used,
however -one in the central plane of the model (at middle of the trench), and the second
at the edges of the trench. The exact positions of the LVDT's for each case (i.e. half and
quarter width panels) are shown schematically in plan-view in figures 3.13 (a) and (b)
respectively.
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5.Om
(a) half width panel	 (b) quarter width panel
Fig 3.13 Exact position of the LVDT's in plan-view
3.3.3.1 Pore pressure transducers (PPT's) and displacement transducers (LVDT's)
The pore pressure transducers were introduced horizontally into the strong box through
holes in the back plate so as to lie in the same vertical plane, approximately in the centre
of the model. The transducer PP4 was placed in a plane 3/4 of the distance from the
back plate, because the total stress transducer was placed at the same horizontal level in
a vertical plane 1/4 of the distance from the back plate. The holes for the transducers
were augured horizontally into the clay, backfield with clay-slurry and sealed using
special bulkhead fittings. There is ample evidence that the pore water pressures are
unaffected by the disturbance caused during installation (Mair (1979), Phillips (1982),
Kusakabe (1982), Taylor (1984), Powrie (1986)).
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Additionally, one Druck miniature pore water pressure transducer was used with its
porous stone removed, immersed in the salt solution in the rubber bag to indicate the
level of the salt solution during all the phases of the wall installation.
The PPT's were calibrated at Queen Mary and Westfield College using a junction box of
the same type used on the centrifuge during the tests. This gave the same offsets and
scale factors as calibration on the centrifuge through the sliprings.
Displacement transducers (LVDT's) were used to monitor the vertical settlements
behind the wall during the centrifuge tests. There were four LVDT's when the
installation of the whole wall was simulated, and six LVDT's in the rest of the tests. All
of the LVDT's were supplied by Schiumberger, and had a sensitivity of approximately
35.0 mV/mm. Their exact positions in each of the models are shown in figures 3.12 and
3.13 (a) & (b). They were calibrated between each of the tests, in order to confirm their
offsets and scale factors.
3.3.3.2 In flight video recording
It has already been mentioned that black plastic marker beads were embedded into the
visible face of the model, in order to deduce soil movements patterns from a videotape
recording of the model made during the centrifuge test. Afterwards, the horizontal and
vertical movements of these marker beads were measured, using the image processing
programme Micro Scale, produced by Digithurst. Using this programme, the co-
ordinates of the beads were measured at three stages: i) before the start of the
excavation, ii) at the end of the bentomte phase, and finally, iii) when the concrete had
set. Then, using the Excel spreadsheet programme, the results were analysed and graphs
produced, showing the soil movements. These graphs are presented in chapter four,
along with the remainder of the centrifuge test data.
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3.3.4 Summary of the tests reported in this dissertation
The centriftige tests that have been carried out to investigate the construction effects of
diaphragm walls are listed in table 3.2.
TEST	 TYPE OF TEST	 DATE
CK4	 plane strain, groundwater level
___________ about I Om below the surface.	 2/4/92
CK5	 plane strain, high groundwater
_____________	 level	 20/5/92
CK8	 diaphragm wall panel (1/2
width), high groundwater
___________	 level	 9/92
CK9	 short panel (1/4 width), high
groundwater level, excess
height of fluid in the rubber bag
___________	 h=5.1 m (prototype scale)	 10/92
CK1O	 short panel (1/4 width), high
groundwater level, excess
height of fluid in the rubber bag
____________	 h=8.Om (prototype scale) 	 11/92
CK1 1	 plane strain, high groundwater
____________	 level	 12/92
Table 3.2 Details of centrifuge tests reported in this dissertation
For the tests CK8 - CK1 1, the unloading effective stress on removal of the sample from
the consolidation press was 250 kPa, rather than 80 kPa, in the case of tests CK4 and
CK5. The effect of these two different unloading pressures to the centrifuge results, will
be discussed in chapter 4, where all the results will be presented and analyzed.
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Results from model tests
In this chapter, except where otherwise indicated, the test data are presented at field
scale. Thus, following the scaling laws, described in chapter 3, the linear dimensions and
displacements have been multiplied by 100 and the elapsed times have been multiplied by
1002.
Initially the conditions at the end of the initial equilibration period in the centrifuge are
discussed, with the profiles of pore water pressure, effective horizontal stresses and I(
with depth presented for all the tests. Then, the changes in pore water pressure and
ground movements during excavation under bentonite slurry and concreting are
described. Finally, the effects of the groundwater level, the panel geometry and the initial
lateral earth pressure profile are discussed.
4. Results from model tests
4.1 The conditions at the end of the initial equilibration period in the centrifuge
tests.
The importance of achieving a realistic initial stress state in the centrifuge was discussed
in chapter 2. In chapter 3, it was shown that, in order to achieve the appropriate initial
conditions in the centrifuge, an extension of the rubber bag of approximately 9m (at
prototype scale) was required. In practice, it was found difficult in some cases to control
the excess height of fluid in the rubber bag, with the result that there was some variation
between tests. The minimum value was 5.1 m (at prototype scale) for test CK9, and the
other values were in the range of 7.5m - 8.5m (at prototype scale). The initial lateral
earth pressure profile immediately prior to excavation therefore also varied slightly from
test to test.
Additionally, the level of the groundwater level was not quite the same in all of the
centrifuge model tests. However, apart from test CK4 (in which a low groundwater level
was deliberately simulated), the pore water pressure distributions were only slightly
different. Pore water pressure profiles for all of the tests, at the end of the initial
equilibration period, based on the measured values, are shown in figure 4.1.
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Fig 4.1 Variation of pore water pressures with depth
The corresponding distributions of the lateral effective stress with depth are given in
figure 4.2, based on the measured pore water pressures. For these profiles, the total
lateral stresses have been calculated from the recorded pressure of the fluid in the rubber
bag. It may be seen that, at depths less than about Sm, the pressure imposed by the bag
exceeds the passive limit based on 4' =26° (Bolton & Powrie, 1987), given by
K.=2.56. However, there was no indication of passive failure during equilibration in the
centrifuge in any of the tests. This would be consistent with the observed high apparent
values of 4' sustained in monotonic swelling (Burland & Foune, 1985, Stewart, 1986). (It
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should be noted that the rubber bag support was designed to protect the top few mm of
soil from the pressure in the rubber bag itself. Also, membrane action in the rubber would
have inhibited any tendency for the bag to "belly out" if soil movements increased,
reducing the lateral total stress below the estimated value at the soil surface. It is
considered that the rubber bag support would not have interfered with the soil during
excavation and concreting).
-10
-5
-15
-20
200	 250
passve limit (low gw-level) 	 0)
assuming zero pwp	 (4) —26
NCK4,assuming -ivepwp
passive limit\
(4) '=26 )
CK9	 CK1O
h=8.0mh-5.lm
Fig 4.2 Variation of lateral stresses with depth
Finally, the distribution of the initial in situ earth pressure coefficient K0 with depth in the
soil adjacent to the trench for all tests, including the idealised case (ie excess height of
fluid = 9.Om and hydrostatic pore water pressures), are shown in figure 4.3.
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Fig 4.3 K0 distribution with depth.
It may be seen that the pore water pressures and the pre-excavation earth pressure
coefficient profiles are essentially similar, with the exception of CK4 (low groundwater
level). For the 1I.ill height initial groundwater level, the earth pressure coefficients tend to
decrease as the excess height of fluid in the rubber bag is reduced. The effect of the low
groundwater level in test CK4 is to increase the in situ horizontal effective stresses over
the entire depth of the trench, but the earth pressure coefficient is reduced. These effects
are more pronounced if it is assumed that negative pore water pressures exist above the
water table than if the pore water pressures above this level are taken as zero: both cases
are indicated in figures 4.1 - 4.3. Finally, it can be seen that the profile for test CK4 is in
agreement with the statement of Burland, Simpson & St John (1979) that, the
distribution K0 with depth is sensitive to the recent stress history, such as here the
reduction of the groundwater table.
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It should be noted that 4',,=26° was measured in undrained triaxial compression for a
cell pressure of l2OkPa and an OCR of 10.4, and may therefore underestimate 4'
	
at
high OCRs and low effective stresses near the soil surface.
4.2 Changes in pore water pressure
In this section, the changes in the pore water pressure will be presented. The results of all
the model tests will be given, in order that the effects of groundwater level, panel width
and initial lateral earth pressure profile may be investigated, with reference to the
"standard" case (high ground water level and full width trench - ie a plane strain
excavation: tests CK5 and CKI 1).
Results are presented for (a) full width trenches, (b) half width trenches, and (c) quarter
width trenches. The locations of the transducers in the centrifuge model, illustrated in
figure 3.13, are numbered in the same sequence for all the tests.
(a) Full width trenches (tests: CK4, CK5, CK11)
Figures 4.4, 4.5, and 4.6 show the pore water pressures measured at various locations
within the soil as functions of time before, during and after excavation and concreting,
for tests CK4, CK5 and CK1 1, respectively.
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Fig 4.4 Changes in pwp during excavation and concreting - CK4 test (low groundwater
level)
No significant response in PP5 and PP6. These were at zero pore water pressure initially,
and the soil may not have been fully saturated.
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Fig 4.5 Changes in pwp during excavation and concreting - test CK5
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Fig 4.6 Changes in pwp during excavation and concreting - test CK1 I
4.2.1 Discussion of the results of the "standard" case (tests CK5 and CK11)
The general pattern of the changes in pore water pressure and ground movements
(section 4.3) during excavation under bentonite and concreting will be discussed with
respect to the standard case, represented by tests CK5 and CKI 1.
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The pore water pressures immediately prior to excavation corresponded to
approximately hydrostatic conditions, as shown in figure 4.1. The pore water pressures in
both tests showed some small variation at each level with distance from the trench;
however, the important point is that at the start of the excavation, the pore pressure
regime was steady and well-defined.
It should be noted that two pore pressure transducers failed during each of tests CKS and
CK1 I. In test CXI I, the simulation of the excavation lasted for a longer time than usual,
because the valve, which was used for draining the sodium chloride solution down to the
level of the soil surface, became partially blocked. Although clearly reflecting these
effects, the recorded variations in pore water pressure in test CK1 I were broadly similar
to those observed in test CK5.
Generally, during excavation, the pore water pressures closest to the trench fall as a
result of the reduction in lateral stress. The most significant reductions in pore pressure
were observed at PP2, PP4 and PP5. At PP4, where the fill effects of unloading are
experienced, the reduction in pore water pressure is approximately half the reduction in
total horizontal stress. This is what would be expected on the basis of an elastic analysis,
assuming s'=constant (see below). At the other PPT locations, the position of the pore
water pressure transducer relative to the unloaded area represented by the face of the
trench is such that the reduction in ah (and hence in pore water pressure) at the
transducer location is significantly less than that at the face of the trench.
The changes indicated by PPI, PP6, PP7, PP8 and PP9 were smaller, presumably
because these transducers were either towards the edge or outside the zone of influence
of the excavation (PP 1, PP6 and PP9) and/or very close to the drainage boundary (PP7,
PP8, PP1 and PP9). For test CK1 1, the pressure change at PP3 was also quite
significant, while in test CK5 it was small. This could be due to the rather longer time
than usual that taken to simulate excavation in test. Because of this delay, the degree of
excess pore water pressure dissipation which occurred during excavation in test CK1 1,
would be greater than that which occurred in test CK5. Thus, PP2 and PP3 may have
begun to respond to the reduced pore water pressures in the vicinity of the trench,
resulting in the pore pressure at the point PP3 decreasing more than usual.
During concreting, the pore water pressures tend to return towards their initial values. (It
should be pointed out that, once the concrete has begun to set, the readings of the
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transducer in the mbber bag are no longer meaningful, because the concrete is no longer
fluid. The reading could be further affected by the heat of hydration of the plaster of Paris
used to simulate the concrete).
Reduction of the pore water pressures
= constant; (Y = constant.
Reduction in horizontal stresses h is equal tO
Reduction in pore water pressure u is equal to iu.
s=	 —u
2
	
cyV+ah	 h 
—(u--2i\u)= cy , +ch
	
2	 2
2
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(b) Half width trenches (test: CK8)
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Fig 4.7 Changes in pore water pressures during excavation and concreting - test CK8
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c) Quarter width trenches (tests: CK9, CK1O)
Figures 4.8 and 4.9 show the pore water pressures measured at various locations within
the soil as a function of time, during and after excavation and concreting for tests CK9
and CK1O respectively. Both simulate quarter width trenches, but with different excess
height of fluid in the rubber bag (imposing on the model different initial lateral earth
pressure profile); 5.lm (at field scale) for test CK9 and 8.Om (at field scale) for test
CK1O.
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Fig 4.8 Changes in pore water pressures during excavation and concreting - CK9 test
-109-
300
250
200
PPbag
PP1
4. Results from model tests
pwp (kPa)
350 -r
150 -1- PP2
PP3________________________ PP2
PP3
100
PP4
	 PP4
PP5	 PP5
50
I	 PP8-
I pp
0 I pPicç
-20	 -10	 0	 10	 20	 30	 40	 50	 60
time (days) after start of excavation
Fig 4.9 Changes in pore water pressures during excavation and concreting - test CK1O
4.2.2 The effects of groundwater level, panel geometry and initial lateral earth
pressure profile
One centrifuge test (CK4) was carried out with a low initial groundwater level, in order
to investigate the effects of the groundwater level on the pore water pressure and the
ground movements (section 4.3.2) during excavation of diaphragm wall trench under
bentonite slurry and concreting. For the remainder of the tests, the pore water pressures
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immediately prior to excavation corresponded approximately to hydrostatic conditions
below a groundwater level at the soil surface.
The geometry of the model in test CK4 is the same as in tests CK5 and CK1 1 (plane
strain conditions, full width trench). In test CK4, where the groundwater level was low,
the measured changes in pore water pressure above the groundwater level were generally
insignificant during the excavation and concreting of the trench. This could have been
because the soil had become partially unsaturated. Below the water table (PP2 and PP3),
the changes in pore water pressure were similar in magnitude to the standard case.
In order to investigate the effects of panel geometry, two further types of test have been
carried out, with different diaphragm wall panel widths. From figures 4.4 to 4.9, which
show the changes in pore water pressure, it may be seen that as the width of the trench
decreases, the changes in pore water pressure decrease as well.
An additional important point is the effect of the initial lateral earth pressure profile.
This, imposed on the centrifuge model prior to the simulation of excavation, can be
altered by changing the excess height of the fluid and/or its density. Two centrifuge tests,
having the same panel geometry, have been carried out with different initial earth
pressure profiles due to different excess heights (h) of the fluid in the rubber bag (the
density of the fluid was the same): (a) test CK9, in which h5.lm (prototype scale) and
(b) test CK1O, in which h=8.Om (prototype scale). Both tests are one quarter width
trench tests, with high groundwater levels.
It can be seen that the trends of the pore water pressures in the two tests are broadly
similar. Although the changes in pore water pressure became less pronounced as the
width of the panel is reduced, it may be seen that the magnitude of pore water pressure
reduction at PP2 and PP4 was rather greater in test CK9 than in test CK1O. This is not
what would be expected in the basis of quasi-elastic material behaviour. However, it may
indicate different degrees of plastic shearing.
Assuming that the horizontal total stress in the soil at the positions of the transducers
PP2 and PP4 is equal to the fluid pressure in the trench at the same level, the effective
stress paths followed by soil elements at these locations are plotted in t, s' space for tests
CK9 and CK1O (1/4 width trenches) in figure 4.10. For the soil at PP2, very close to the
bottom of the trench, and at PP4, at the half depth of the bottom of the trench, there is
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more opportunity for stress redistribution. Thus, the reduction in the horizontal total
stresses at those locations will only be a proportion a (a<1) of that which occurs at the
same level in the trench. The stress paths shown if figure 4.10 are plotted assuming
a=141/200 and a=152/200 for PP2 and PP4 respectively, values which have been
calculated on the basis of an elastic stress distribution (using Newmark's chart).
Fig 4.10 Stress paths in t, s' space for tests CK9 and CKIO.
4' value corresponds to critical state (22°) and	 to peak (26°), reported by Bolton
and Powrie (1987)
It may be seen that for test CK1O, the soil response at the locations of both PP2 and PP4
lies well within the failure envelope but does not exhibit the s'constant behaviour of an
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ideal elastic material. For test CK9, the soil response at PP4 is also well within the failure
envelope, but at the position of PP2, the soil is brought quite close to active failure
conditions. This gives a possible explanation for the unexpected greater decrease in the
pore water pressure at this position, which occurred during the excavation of the trench
in test CK9. Alternatively, the transducer may have been mis-aligned. However, an
analysis (based on elastic stress distributions) shows that while the unloading experienced
by the transducer PP2 is quite sensitive to its exact position relative to the bottom of the
trench, an error of more than 35% would require a misalignment in excess of 10mm. This
is unlikely.
Finally, in figure 4.11 the stress paths in t, s' space are shown, for tests CK4, CK5, CK1 1
and CK8, for the soil at PP2, and for CK5 and CK1 1 for the soil at PP4. All the values
have been calculated on the basis of the same elastic stress distribution.
Fig 4.11 Stress paths in t, s' space for tests CK4, CK5, CK8 and CK1 1.
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It may be seen, that for tests CK5, CK8 and CK1 1, the soil at PP2 is brought to active
failure, which would certainly cause the pore water pressure response to differ from that
in an elastic material. On the contrary, for test CK4 (low groundwater level) the soil
response at PP2 is remote from the failure, since in this case the effective stresses were
greater. At PP4, for both tests CK5 and CK1 1, the soil moves towards active failure,
resulting perhaps in plastic shearing, such as in test CK9.
It may be noted that with the exception of PP4 in test CK5, the stress paths related to
transducers PP2 and PP4 appear to exhibit a delayed response, in that the path
corresponds initially to the drained stress path (iu =O), followed by an increase in pore
water pressure at t=constant as the change in the pore water pressure is registered. This
may have been due to the introduction of air during insertion of the transducer into the
model, or may indicate a partial blockage of the porous stone. It is considered, however,
that the overall change in pore water pressure was reliably measured. This is because the
overall changes in pore water pressure are consistent in magnitude with those measured
in test CK5, where the effective stress path (PP4) had s' =constant as might be expected.
4.3 Changes in ground movements
In this section, the changes in the ground movements will be presented. The results of all
the model tests will be given (as for the pore water pressures), in order that the effects of
groundwater level, panel width and the initial lateral earth pressure profile may be
investigated with reference to the "standard" case.
Initially, the soil surface settlements at various distances from the trench, during and after
excavation and concreting, are presented. For the half and quarter width trenches, two
additional L\TDT's at the edge of the trench were used, as has already been mentioned in
chapter 3. For all the tests, the central LVDT's were located in the same positions, at
distances from the trench of 2.5m, 7.5m, 17.5m and 32.5m (figure 3.12). For the 1/2
width trench tests, the edge transducers were located at distances of 2.5m and 7.5m from
the trench, and for the 1/4 width trenches tests at distances of 5m and lOm from the
trench (figures 3.13 (a) and (b)).
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a) Full width trenches (tests: CK4, CK5, CK11)
d (mm)
A 1
Fig 4.12 Soil surface settlements during excavation and concreting for test CK4
(data plotted from individual points due to noisy signals - LVDT4 is missing)
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time (days) after start of excavation
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Fig 4.13 Soil surface settlements during excavation and concreting for test CK5
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Fig 4.14 Soil surface settlements during excavation and concreting for test CK1 1
4.3.1 Discussion of the "standard" case (test: CK11)
During the excavation of the trench the soil surface settles considerably. The maximum
settlement is quite large; approximately 200mm (at prototype scale), at the end of the
excavation- just before concreting. On the other hand, beyond a distance of one trench
depth (LVDT's 3 and 4), the settlements are comparatively insignificant.
The moment that the concreting starts (when the shutter at the base of the hopper opens
allowing the concreting mixture to fall into the rubber bag) the soil surface starts to
heave, especially close to the trench. Deposition of the concrete, and hence the
occurrence of the peak heave, is effectively instantaneous (2 sec) at model scale
(corresponding to 6 hours at field scale). The magnitude of the peak heave in test CK1 1
is related to the partial blockage of the drain valve, as discussed below.
-117-
4. Results from model tests
The lateral stress distribution imposed on the soil adjacent to the trench in the model at
this stage is considered in general to be similar to that imposed in the field. The lateral
stresses at depth in reality may be smaller than the fluid pressure of wet concrete due to
the strength of the mix, or because the concrete at the base of the trench begins to set
before the pour is completed. In the model, a reduction in pressure occurs at depth
because the mixture (which is deposited as an hydraulic fill) begins to consolidate
instantaneously. This will be discussed in the chapter 5.
Additionally, the partly blocked drain valve, which led to the longer duration of the
excavation phase in test CK1 1, resulted in a greater increase in lateral stress immediately
on depositing the concrete. This was because the water displaced by the powder was
unable to escape instantaneously, leading to the development of a transient excess height
of water in the rubber bag. This excess height of water took some time to drain, leading
to a larger than usual surface heave during concreting, which would not occur in reality.
Instantaneously, considerable heave occurs, which settles down as the time passes to a
final value of approximately 200mm (at field scale). This is very similar to the maximum'
settlement of the soil surface during the excavation.
Another important point, which has already been discussed in chapter 2, concerns the
time needed usually for the simulation of excavation and concreting in the centrifuge. The
time taken to lower the level of the salt solution in the rubber bag and dilute it with fresh
water was between 50 to 60 seconds, corresponding to between 6 and 7 days at
prototype scale. In addition, the concrete took approximately 7-10 minutes to set,
corresponding to 5 0-70 days at prototype scale. These times are rather longer than
would be usual in reality. This means that the degree of excess pore water pressure
dissipation which occurred during excavation and concreting in the model is greater than
that which would occur in the field. The more significant discrepancy is in the time taken
to excavate the trench. Ground movements will therefore tend to be larger than if the
simulated excavation of the trench had been carried out more quickly.
It may be noted also that the settlement data from test CK5 were incomplete, since only
two LVDT's were working properly during the centrifuge test. For this reason, CK1 1 has
been discussed as the standard case. The data for test CK5 corroborate the settlements
measured in test CK1 1, although the heave following concreting is very much less
pronounced. This is due to the absence of the surcharge effect during concreting, already
mentioned in connection with test CK1 1.
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(b) Half width trenches (test: CKS)
time (days)after start of excavation
10	 20	 30	 40	 50
(mm)
Fig 4.15 Soil surface settlements during excavation and concreting for test CK8
(LVTD1 is omitted due failure)
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(c) Quarter width trenches (tests: CK9, CK1O)
d(mm)
Fig 4.16 Soil surface settlements during excavation and concreting for test CK9
(data plotted from individual points due to noisy signal - LVDT6 failed during
the test)
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Fig 4.17 Soil surface settlements during excavation and concreting for test CK1O
4.3.2 Effects of groundwater level, panel geometry and the initial lateral earth
pressure profile
One centrifuge test (CK4) was carried out with a low initial groundwater level, in order
to investigate the effects of the groundwater level on the ground movements during
excavation of diaphragm wall trench under bentonite slurry and concreting. For the
remainder of the tests, the pore water pressures immediately prior to excavation
corresponded approximately to hydrostatic conditions below a groundwater level at the
soil surface.
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Tests CK4, CK5 and CKI 1 have the same geometry (ie plane strain conditions and fill
length trench). It is clear from the recorded data of displacements (for these three tests)
that the pattern of displacements depends considerably on the initial pre-excavation
groundwater level. It is interesting to note that while the magnitude of the settlements
following excavation reduced by a factor of 10 in test CK4, comparing it with the traces
of settlements of tests CK5 and CK1 1, the incremental heave following concreting is
much the same as in test CK5 (figures 4.12, 4.13 and 4.14). Finally, when the concrete
has set, the maximum (ie the closest to the trench) residual settlement is approximately
25% of that in test CK1 1.
In reality, the level of the groundwater table is often quite low (e.g. London Clay). In the
centrifuge it was decided to model a full-height groundwater level in most of the tests,
since this represented a reasonably repeatable reference state, and a condition which may
often be assumed in design even if it is not reproduced exactly in practice. It should be
added that this use of a full-height groundwater level during the centrifuge tests, means
that the undrained shear strength of the top metre or so of clay may be very small.
This significant difference in settlements due to the lower groundwater level is also
shown in figure 4.18, where the soil displacement profiles after the end of the excavation
(ie just before concreting) have been normalized with respect to the depth of the trench.
The soil settlement profiles 13 days after concreting (when the effect of the spike in the
LVDT traces has passed) are depicted in figure 4.19. In these figures, the settlements of
only the central LVDT's are given, for clarity.
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Fig 4.18 Normalized soil settlement profiles - just before concreting
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Fig 4.19 Normalized soil settlement profiles - 13 days after concreting
In order to investigate three-dimensional effects during the wall installation, two further
types of test have been carried out, with different diaphragm wall panel lengths. The
diaphragm wall panels had aspect ratios (length^width) of 10 (test CKS; panel length
lOm) and 5 (test CK9 and CK1O; panel length 5m). For the plane strain case (full length
diaphragm wall), the aspect ratio is regarded as infinity.
From figures 4.14 to 4.19 which show the profiles of the ground movements, it can be
seen that the as the length of the trench decreases, the soil movements decrease as well.
Hence, the centrifuge tests confirm that the technique of installing a diaphragm wall in
panels (which is usually used in practice), reduces significantly the movements during
construction of the wall.
Figures 4.18 and 4.19 again show how the soil surface settlements are reduced by
decreasing the length of the panel. It is interesting that the profile of settlements of
LVDT2 in test CK8 (half length trench) is only slightly less than that of the full length
-124-
(&Hi/o)
0.0
0.2
0.4
0.6
4. Results from model tests
trench (CK5 and CK1 1). In contrast, the maximum settlement along the centreline for the
quarter length (short) panel (CK1O) is approximately 50% of that for the plane strain
excavation (fig 4.18). All of these tests (CK5, CK8, CK1O and CK1 1) were carried out
with almost identical initial ground water levels and earth pressure profiles, and the
settlements referred to above are those measured at the end of the excavation process.
The relative soil settlements profiles at the centre and the edge (normalized with respect
to the depth of the trench) of the lOm (test CK8) and the 5m (tests CK9 and CK1O)
panels after excavation under bentonite (when the maximum displacements were
recorded) are shown in figures 4.20 and 4.21 respectively. For the half length trench the
maximum deformation is missing because of the failure ofLVDT1 during the test.
Fig 4.20 Normalized with respect to the depth of the trench soil settlement profile
following the excavation for test CK8.
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Fig 4.21 Normalized with respect to the depth of the trench soil settlement profile
following the excavation for tests CK9 and CK1O.
Three-dimensional effects are again apparent in that the ground movements along the
edge of the panel are smaller by a factor of 4 than the central settlements for the short
panel (CK1O- high initial lateral earth pressures) and by a factor of approximately 2 for
the cases of CK8 (long-panel) and CK9 (short panel - low initial lateral earth pressures).
It is also interesting how insignificant the soil settlements become at the edge of the
quarter length trench.
An additional important point is the effect of the initial lateral earth pressure profile
imposed on the centrifuge model prior to the simulation of excavation. This can be
altered changing the excess height of the fluid and/or its density. Two centrifuge tests
having the same panel geometry and almost identical initial ground water level have been
carried out, with different initial earth pressure profiles due to different excess heights (h)
of the fluid in the rubber bag: (a) test CK9, in which h=5. im (prototype scale) and (b)
test CK1O, in which h8.Om (prototype scale).
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It has already been shown in figures 4.18, 4.19, 4.20 and 4.21 that the length of the panel
affects the magnitude of the ground movements during excavation and concreting of the
diaphragm wall. However, from figure 4.18 and 4.21, in which the displacements
normalized with respect to the depth of the trench are illustrated, it may be seen that the
settlements in test CK9 (smaller initial earth pressure profile) are approximately only half
of those in test CK1O (the initial earth pressure profile is larger). Thus, as might be
expected, the different initial lateral earth pressure profile affects the ground movements.
Finally, figure 4.22 shows the relation between the central displacements, normalized
with respect to the depth of the trench, and the inverse of the trench aspect ratio at four
different distances from the trench (the four locations of the LVDT's along the
centreline). Figure 4.23 shows the edge displacements, normalized with respect to the
depth of the trench, and the inverse of the trench aspect ratio at the distance of LVDT6
(7.5m at field scale) from the trench. These two figures (4.22 and 4.23) could form the
basis of an empirical correction chart, which would enable displacements associated with
diaphragm wall panels of finite length to be estimated from calculations in which plane
strain conditions are assumed.
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Fig 4.22 Normalized soil settlement profiles along the centreline of the trench at various
distances form the trench
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Fig 4.23 Normalized soil settlement profile at the edge of the trench in a distance
= 0.405 (LVDT6)
Figures 4.22 and 4.23 show that almost any decrease in aspect ratio below the plane
strain case will reduce ground movements at the edge of the panel. However, in order to
effect a significant reduction in ground movements at the centre line of the panel, the
aspect ratio must be reduced to below 10.
Before closing this section, it shouLd be remembered that in tests CK4 and CKS the
sample was allowed to swell back in the consolidation press to a vertical effective stress
of 8OkPa, compared with 250 kPa for the rest of the tests (section 3.3.1). Comparison of
tests CK5 and CK 11 suggests that this does not seem to have affected the results of the
tests. The reason for this could be that the upper portion of the sample, which perhaps
dominates displacements, was in both cases swelling during the equilibration stage.
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4.4 Ground movements from in flight video recording
Soil movements patterns deduced from videotape recordings of the model made during
the centrifuge tests will be presented in this section. The procedure has already been
described in section 3.3.3.2. However, it should be added here that, a correction for the
curvature (due to distortion caused by the lens) has been applied.
The correction for curvature was made by moving all the marker beads to their
appropriate places in the grid pattern at the initial stage before the start of the excavation.
The same corrections were then applied to all subsequent positions of the markers.
In this section, the soil patterns from four tests will be presented. In figures 4.24 and
4.25, the displacements measured during test CK1 1 (full width trench) are shown.
t 4 a .
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a * *
a	 a	 a •
a a a a	 a
a a a	 a j
4 *
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j a a a
a • a
4 a a
4a4
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Fig 4.24 Soil movements before and after excavation (just before concreting) - test CK1 1
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Fig 4.25 Soil movements before and after concreting - test CK1 1
4.4.1 Discussion of CK1 1 video recorded data
The soil movement patterns, although scattered, deduced from videotape recordings
suggest that zones of significant soil movement during the excavation of the trench under
bentonite slurry, and during concreting, could be approximated by 450 triangles on either
side of the trench. During excavation, the soil had a tendency to move forwards, while
during concreting, the soil tended to move backwards due to the increase in lateral
stresses during this final stage of construction. This is in accordance with the heave
measured by the LVDT's (figure 4.14). The measurements for the three different stages
are presented in the same graph, using three different markers.
It should be noted that there is a disparity between the soil settlements, indicated by the
video recordings, and those measured by the LVDTs. For test CK1 1, the range of
settlements recorded by the video camera was approximately from 1.33mm (at model
scale) to 0.89mm (at model scale). The maximum settlement measured by the LVDT's
was about 1.90mm (at model scale). Similarly, the heave recorded by the video camera
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just after the concreting phase, was between of 2.67mm and 1.78mm (at model scale).
The corresponding heave measured by the LVDT's was around 4mm (at model scale),
for that particular instant.
According to both methods, the magnitude of the maximum heave is approximately twice
the maximum settlement for test CK1 1 (although, this is not a typical result). Hence, the
disparity, between the two methods of measurement is in the relative magnitudes only.
This might result from the difficulty in ensuring that the two sets of data relate to exactly
the same instant. Alternatively, it might be due to frictional effects on the inside face of
the perspex window at the front of the box, even though a mould-release agent had been
used in order to reduce them. The estimation of the magnitude of the side friction is
discussed briefly below, assuming that it results from the resistance to sliding the
triangular wedge of soil shown in figure 4.26.
Fig 4.26 The triangular wedge of moving soil
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Calculation of the frictional force
Suppose that at a depth z, the horizontal effective stress, oh" perpendicular to the sides
of the box, is the same as in the direction perpendicular to the trench. Then, for the
idealised situation (hydrostatic conditions) the horizontal effective stress at a depth z is
given by the relation (4.1), assuming that =17.5 kN/m3, Yb=' 1.4 kN/m3 and
Y =1OkN/m3, and that the excess height of the fluid in the rubber bag is equal to 9m at
prototype scale.
= Yb (9+ z) - y z = 9 Yb + (Yb - 'y ,, )z
k =102.6+l.4z1
	
(4.1)
Then the earth pressure coefficient K0, will be given by the relation (4.2).
K0	 102.6+1.4z
a.	 (y—y)z
K = 102.6+l.4z (4.2)0	 7.5z
It should be noted that this equation gives the variation of K0
 with depth from depth
greater than 5.75m, where K0= 2.56 (corresponding to passive failure for the peak states
as reported by Bolton & Powrie, 1987). Hence, for depths between 0 - 5.75m,
the effective horizontal stress will be:
a =Ka K(y1—Y)z
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h =19.2z	 (4.3)
If the coefficient of friction is tan3, then the total frictional force on the soil mass next to
the perspex window is estimated by:
F=ftldz=fahtan6(H—z)dz
F = 519.2ztan3(H - z)dz+ f(102.6+ 1.4z)tan6(H - z)dz 	 (4.4)
Solving the equation (4.4) in function ofF, then:
r14HF = tanI	 +51.3H2 _295.71H+568.13]	 (4.5)
L6
The total frictional force includes both the friction on the perspex window and the
friction on the back plate of the aluminium strong box. For a kaolin-grease-polished
surface, the maximum angle of friction is taken equal to 1.13 degrees (Table 4.1,
reproduced here from Powrie, 1986). The total frictional force is twice the friction on the
side of the box, given by equation (4.5).
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Normal	 Speed of
	 Max angle of
Pressure	 Sliding interface	 shear	 friction
(kPa) ________________________	 (cm/hr)	 (degrees)
100	 Kaolin-grease-polished
stainless steel
('Molykote 33' silicone
	 0.033	 1.13
grease)
70	 Kaolin-grease-brass r 	 2.4	 0.52-0.80
70	 Kaolin -grease-aluminium 	 2.4	 0.57-+0.80
1
70
	
	 2.4	 0.57
Kaolin -grease-rubber t
70
	
	 0.24	 0.92
Kaolin -grease-rubber t
70	 0.05	 1.2
________ Kaolin_-grease-rubber r 
____________
t data from Hambly (1969) using 'Releasil 7' silicone grease
Table 4.1 Friction at a greased kaolin interface (reproduced from Powrie, 1986)
Thus, the total frictional force is for H18.5m:
F = 557.50 kN (at field scale equivalent)
The friction on the sides of the strong box resists movement due to the reduction of the
total lateral stresses during the excavation of the trench under bentonite slurry. This
stress reduction, applied on the side of the trench, results in a reduction force Fa, given
by the following equation 4.6:
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F = hybHb
	 (4.6)
where h: excess height of the rubber bag (h = 9.Om)
'Yb: unit weight of bentonite sluny ('Yb = 11.4 kN/m3)
H : total depth of the trench (H=18.5m)
b : length of the trench (b=20.Om)
	 (using full scale dimensions)
Solving equation 4.6 using the above values of the relevant parameters, the reduction in
lateral force because of the reduction of the horizontal stress will be:
Fa = 37962.OkN
Comparing the magnitude of the total frictional force with the magnitude of the force
reduction it resists, it can be seen that the friction is less than the 1.5 % of the generating
force, which is principally insignificant.
The soil movements patterns for tests CK8 and CK1O recorded by video camera during
the centrifuge tests will not be given, since (as might be expected) virtually no movement
was detected.
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Calculation ofground movements
It has already been shown that, during excavation of a diaphragm wall trench (before the
concreting takes place), the horizontal stresses are reduced, while the total vertical stress
a remains constant and equal to 'yz. The values of earth pressure coefficient K therefore
change during the installation of the diaphragm wall, and the soil adjacent to the trench
will deform.
An attempt has been made to predict these ground movements, by means of a
straightforward hand calculation, which is a development of an analysis proposed by
Bolton and Powrie (1987). The theoretical model is presented in this chapter, and is
applied to the centrifuge model tests.
5. Calculation of ground movements
5.1 Analytical model
5.1.2 The proposed mechanism of deformation
Bolton & Powrie (1987) proposed a mechanism of deformation, which they used in the
back-analysis of unpropped cantilever walls. Their theory was based on Milligan &
Bransby (1976), who described failure patterns in sand, retained by rigid model walls
which were constrained to rotate about a point within their length. Initially, a brief
introduction to the mechanism used by Bolton & Powrie will be presented, with
reference to Milligan's & Bransbys work.
5.1.2.1 Previous studies
Bransby & Mulligan (1975) described the deformation pattern associated with embedded
cantilever retaining walls in sand by means of a kinematically admissible strain field,
compatible with the outward rotation of the retaining wall. This strain field is illustrated
in figure 5.1:
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0
Fig.5.1 Dilatant strain field, admissible for wall rotation about base (reproduced from
Bolton and Powrie, 1988)
where ihl=a constant angle of dilation behind the rigid wall, which pivots about its base.
Deformation mechanisms, idealising soil behaviour by means of deforming triangles in
which the shear strain is uniform, were also used by Bolton & Powrie (1988). This
general approach will be developed further into a shear strain mechanism which can be
applied to the soil adjacent to a diaphragm wall trench without rigid support, where the
value of undrained mobilised shear strength c, varies with depth.
The purpose of the shear strain mechanism is to characterize the overall displacement
pattern using discrete values of shear strain corresponding to the different depths of the
trench. The magnitude of the displacements can then be estimated from the shear strain
corresponding to the mobilised undrained shear strength (cb), required to maintain the
difference between the horizontal and vertical total stress at any depth. The relation
between the shear strain and c can be determined from appropriate laboratory tests,
ideally in plane strain, although triaxial data are used in this dissertation.
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The boundaries of the deforming regions are either zero-extension lines such as OZ, or
principal planes such as OV, and the wall is assumed to be frictionless. It was shown by
Bransby & Milligan that the increment in shear strain &y due to a wall rotation 8 is
given by
(5.1)
It is necessary to estimate the angle of dilation i. Dilation is more significant in
determining the size of the shear zone than the magnitude of strain. When drainage is
allowed, overconsolidated clay will tend to dilate, and shear softening will occur. In the
current situation, short term movements are investigated, and the requirement that there
is no change in volume during the undrained deformation of clays implies that the dilation
angle is zero.
Hence, the magnitude of the shear strain increment &y is:
8y=2secO°&
&y=26i	 (5.2)
The increment in horizontal strain &b inside the triangle OVZ can be calculated from the
extension H& of ZV, where H = heigit of the wall:
&h	
HSi 
4=8Ch =—&	 (5.3)
(taking compression as positive)
The vertical strain increment & can be calculated, since constant volume (zero rate of
dilation) and plane strain conditions have been assumed;
V&hV&h	 (5.4)
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= +8 (compression)	 (5.5)
The corresponding Mohr circle of strain increments is shown in figure 5.2.
Fig 5.2 Mohr circle for strain increments (reproduced form Bolton & Powrie, 1988)
Hence, the maximum deflection of the wall, due to the rotation as a rigid body, can be
estimated from the horizontal strain increment, as shown below (Bolton & Powrie,
1988):
(5.6)
where H is the overall height of the wail.
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The soil movement patterns deduced from the videotape recordings (figures 4.24, 4.25,
for CK5 and CK1 I tests respectively), suggest that zones of significant soil movement
during the excavation of the trench under bentonite slurry can be defined approximately
by 450 triangles on either side. It was therefore decided to adapt the mechanism for a
rigid wall, as discussed in section 5.1.2.2.
5.1.2.2 The model
Bolton & Powrie (1988) were concerned with post-excavation movements of an
effectively rigid wall, starting from a stress state in which K=1 and the initial mobilised
shear strength is zero. If the change in horizontal stress during excavation in front of the
wall is in these circumstances assumed to be proportional to depth, then so is the
mobilised shear strength c,, =	
; 
oJ If the undrained shear strength of the soil
increases in proportion to the depth, and the stress-strain relation for the soil at all depths
may be expressed uniquely in terms of 	 as a function of shear strain, then the shear
Cu
strain induced in the soil on excavation does not change with depth, because
	 is
Cu
constant.
In the present Case, the initial stress state is such that K varies with depth and is not in
general equal to unity, so that c is initially non-zero, and is a non-linear function of
depth.
For the initial stress state, the vertical and horizontal stresses in the centrifuge test are
given by:
a =yz and ahmlt =Yb(h+z) then,
-	 - 
[y—y(h^z)}
Cmth	 2	 -	 2	
(5.7)
(where, if +ive = active conditions, and if -ive = passive conditions)
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Usually, at this stage, the horizontal stress is greater than the corresponding vertical, thus
equation (5.7) is negative as written (passive).
For the final stress state after excavation (but prior to concreting) correspondingly,
_(YbZ)Cmob -
(where, if +ive = active conditions, and if-ive = passive conditions)
Usually, equation (5.8) is positive as written (active).
This means that the starting point for the relevant stress-stain curve will be different for
soil elements at different depths. The change in the mobilised undrained shear strength
between the initial and the final stress state is given by means of equations 5.7 and
5 .8.
(yz—ybz)['yz—'yb(h+z)]
2	 2
ie ic	 (5.9)
(towards active conditions because +ive)
Both the change in horizontal total stress and the change in c are uniform with depth
rather than proportional to depth. This means that the parameter
	 °" varies with depth
c
(assuming that c is proportional to depth), so that the shear strain will not be uniform in
each deforming triangle (assuming as before that the relation between c/c and shear
strain is unique).
An appropriate deformation pattern can be built up by superimposing a number of
deforming triangles (simplified admissible strain fields compatible with the frictionless
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surface behind the trench), so that the overall effect is an outward rotation by small
angles 3 (i=1, 2, 3, ..., n) about certain points A1, A2, A3,..., A,. Each point A
corresponds to a certain depth, and consequently to a certain value of undrained shear
strength c; the change in mobilised shear strength remains constant with depth
(eq.5.9). As the number of points n increases, a better approximation to the expected
continuous variation of shear strain with depth is achieved.
In order to present this revised shear strain model, four divisions were assumed (n=4).
The four-division mechanism is depicted in figure 5.3. It should be noted that this
mechanism involves five points (A1, A2 A3, A4 and A5). The depths of these five points
A1 , A2, A3, A4 and A5 are: A1=H, A2=3H14, A3=H12 and A4 H14 and AO (ie at the
surface of the soil). Both the undrained shear strength of the soil at each point, and the
initial mobilised soil strength c, are different. The point A, (ie here point A5), which
corresponds to the surface of the soil, will not feature in the calculation, because there is
no soil above it.
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Al
Fig 5.3 The simplified four-division shear strain mechanism.
For this model, the angles of dilatancy for the four zones are assumed to be zero,
satisfjing the undrained constant volume behaviour of clays for short term movements.
In the absence of dilation, zero-extension lines such as A1Z 1 , A2Z2, ..., AZ are at 45° to
the principal directions, which are vertical and horizontal.
The deformation pattern may be built up by assuming initially a rotation outwards by a
small angle 6 about the base of the trench A 1, up to the second chosen point A2. The
second triangle A2VZ2 moves only as a rigid soil mass to a new position A 2'V1Z2' with
the side A2'V1 remaining vertical. It should be noted that, the horizontal line Z 1Z2 rotates
by the same amount &t about point Z 1 (with the line Z2'V1 remaining horizontal), and
hence, the final position A2'V1Z2' of the triangle is generated due to two equal
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movements; the one in the vertical and the other in the horizontal direction. Afterwards,
a second rotation begins. The triangle A'V1Z2' pivots outwards by a second small angle
about the point A2'. This rotation continues up to point A 3' (the third point), after
which the upper part of the soil (the third triangle A3'V1Z3') simply moves to a new
position A3"V2Z3", assuming again that the sides A3"V2 and Z3"V2 remain vertical and
horizontal correspondingly. After the second rotation, two further similar rotations by
small angles, & 3 and occur, causing a total distortion at the top of the trench equal
to 8. This total distortion may be estimated as follows.
After each rotation, the increment of horizontal strain & (i1, 2, 3, 4) inside each
trapezium AZ1A(I+l)Z(+1) (zone i) is uniform (but only for the trapezium concerned), and
may be calculated from the corresponding extension hi3 in Z 1V, since each angle of
rotation, is small. For the above situation of the four points (and four soil zones), h
is in each case the vertical distance between successive position at which rotation occurs
(ie A1A2, AA3 etc).
For the horizontal strain increment inside the first trapezium (zone 1) A1Z1A?2:
&hl = - (A 
1A2	
= -&i	 (from eq. 5.3)(AIA2)
(where -ive = tensile strain)
+ &c = 0 (no volume change) =
=	 h1	 v1 =
Also, &y 1 = 26	 (from eq.5.2)
=En =-
2
So, the horizontal displacement A2A2' due to the rotation of point A1 by the small angle
öi3 is given by the equation:
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3 = .L(AA)	 (from eq.5.6)
and, because A1A2=H14
t5roy1.
	
(5.10)
The vertical displacement of A 1
 due to the same rotation (from eq. 5.6) is equal to:
The corresponding diagram of strain increments, for the strain field associated with the
lowest trapezium, is shown in figure 5.4.
Fig 5.4 Diagram of the strain increments (Fig 5.2 bis)
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At this stage, it should be added that, before the second rotation starts, the entire upper
part of the soil, (ie the second soil triangle A2VZ2), has moved to a new position
(A2'V1Z2 '), corresponding to a horizontal component of the total displacement equal to
A 1 A 1 = 8y1
For each further rotation that occurs, the horizontal and the vertical displacements can be
estimated in a similar way. Likewise, for all the deforming zones, the relation between the
small angle of rotation &) and the resulting shear strain 6y 1 is the same (equation 5.2),
and consequently, the corresponding Mohr diagrams for all the zones are the same in
principle. Only the magnitude of the strain in each zone is different (equation 5.3).
Thus, the horizontal and the vertical displacements of point A3, due to the second
rotation are given by:
va	 hor =ia(A2A3)
2	 "2
and because A2A3=H/4
H (5.12)
After the rotation due to the two remaining shear strain mechanisms of the four-zone
model, further displacements have been caused:
For A4 due to the third rotation:
H'cr =r 
=6131	 (5.13)
and likewise for A5 V due to the fourth rotation:
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(5.14)
"4	 1)4
where &y3=2 3 and y4-28i4.
So, each rotation contributes to the total displacement of the point AV (either
horizontal or vertical) an amount of ö = Sy. Hence the total horizontal displacement
at the top of the trench, 6 , will be equal:
H H H H
o —S+S2+63+S4=—Sy1+—Sy2+—y3+-5y4
8	 8	 8	 8
ö, = (8y1+6y2+&y3+8y4)	 (5.15)
The total vertical displacement 6 is:
6 =(&yri- & 2+ & 3+ 6 4)	 (5.16)
The total displacement ö (at 450 to the horizontal) is equal to:
tct =	 +	 (5.17)
5, =(5y1^öy3 +5y2 +Sy4)ff	 (5.18)
It should be also noted that, because of the assumed variation of c with depth, different
profiles of c vs y should be used in each case, corresponding to the different depths.
For the above situation in which four points were chosen, four stress-strain curves should
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be used, derived from biaxial or triaxial tests starting at the appropriate stress state, in
which the soil element is subjected to a suitable stress path.
It will be shown that the different profiles of c vs 'y can be simplified to a unique non-
dimensional profile of .Ei!9L vs y. In order to predict the total horizontal or vertical
displacement, the change in the shear strain &y can be estimated, using the profiles of
vs 'y, from the known change in the mobilised undrained shear strength 	 at
each depth. This will become clearer in the following section (5.2), where the analytical
model will be applied to the centrifuge test results.
The shear strain mechanism can be generalised to n divisions by repeating the procedure
described above. The maximum horizontal displacement (at the top of the trench), 8
(ie &), can then be estimated by induction as follows:
for 2 divisions
for 3 divisions:
for 4 divisions:
for S divisions:
and
for n divisions:
- H5y1 +H5y2
4
= H5y1 + H&y2 + H6y3
Omix	 6
5hC1 _H&y1+H6y2+H6y3+H5y4
m1x	 8
= H5y1 + H5y, + H6y3 + H5y4 + H5y5
OmX	 10
hor - H5y1 + H5y2 + H8y3 +... + H6y
max	 2n
The vertical settlement is equal to the horizontal distortion, and the total displacement is
equal to 'I2 times the horizontal or the vertical component (from equation. 5.18).
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5.2 Application to the centrifuge model
In order to apply the idealised analytical model to the centrifuge tests, the following steps
were carried out:
(i) The stress conditions of the soil during the centrifuge test, at two instants (just before
the excavation of the trench and just after it) were estimated. This enabled the initial
distribution of c with depth to be calculated, and also the change in mobilised shear
strength ic during excavation.
(ii) The variation of shear strength; with depth was estimated for those centrifuge tests
in which the installation of the full width wall was simulated with a high ground water
level (ie CK5 and CK1 1).
(iii) The relation between the normalised mobilised undrained strength (cJc) and shear
strain (y) was estimated, from the results of undrained triaxial tests.
These steps will now be described.
5.2.1 The stress-state of the soil during the centrifuge tests.
Before the start of the excavation of the trench, the horizontal stresses in the centrifuge
model were equal to:
where, ?b is the unit weight of the bentonite slurry (here the sodium chloride solution), z
is the depth under consideration, and h is the extra height above ground level of the fluid
in the trench.
Just after the excavation of the trench, and before the concreting took place, a reduction
of the horizontal stresses to the hydrostatic pressure of the bentonite ('Ybz), is imposed on
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the soil at the boundaries of the trench. In the centrifuge model, this stress reduction was
simulated by draining the level of the sodium solution in the rubber bag down to the soil
surface, by means of a valve controlled overflow pipe, as described in chapter 3.
In the centrifuge model, a uniform reduction of the horizontal stresses Aah was imposed,
which was equal to:
= ?bh
	 (5.20)
Substituting the appropriate value of the unit weight of bentonite slurry Yb=1' .4 kN/m3
with h9.Om then A102•6 kPa, down the whole depth of the trench.
Figure 5.5 (a) and (b) shows the initial and final distributions of horizontal stresses with
depth in the centrifuge models.
Fig 5.5 Distributions of horizontal stresses with depth
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As has already been mentioned in section 5.1.2.2, five depths next to the trench were
chosen for analysis, as shown in figure 5.6. These are at the bottom of the trench (ie at a
depth of H), and at depths of 3H/4, H12, H/4 and zero (ie the soil surface).
As
A4 (4.63m)
A3 (9.25m)
M(13.88m)
Ai (18.50m)
(not to scale)
Fig 5.6 The location of the points chosen for the analysis
In figure 5.7, the Mohr circles of total stress at these depths for the initial and the final
stages of excavation are shown. The estimated values of the principal stresses used in
figure 5.7 are listed in table 5.2 (section 5.2.3).
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Fig. 5.7 The Mohr circles of the total stresses for the initial and the final (after the end of
excavation) stage.
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(Note; it is assumed that the wall is frictionless) Due to the assumption that the reduction
in horizontal stress is uniform, the estimated change in the mobilised undrained shear
strength between the initial and the final stage, is the same all down the depth of
the trench (equations 5.7, 5.8 and 5.9). Substituting into equation 5.9 the values for the
unit weight of the sodium chloride solution Yb and the extension of the trench h;
Yb=" .4kN/m3 and h=9.Om, then
,.c=51.3kPa	 (5.21)
Knowing the change in the mobilised undrained shear strength, from the initial to the final
stage of the wall installation, the increments of shear strain &y1 can be predicted by means
of the profiles of the c/c vs 'y. Then, using the analytical model described in section
5.1.2.2, the movement of the soil adjacent the trench can be estimated.
5.2.2 Distribution of Cu with depth
Wroth (1984) has shown that the undrained shear strength of the soil may be related to
its stress-history by the following equation:
where c is the undrained shear strength, a',, 1 is the vertical effective stress at the start of
the test, and OCR is the overconsolidation ratio based on vertical effective stresses. The
subscript nc denotes the normally consolidated state (OCR=1) and the constant m can be
derived theoretically (e.g. using Cam clay), or experimentally from laboratory tests.
Using this relation, the end-point of an undrained test can be estimated from the start
point and the stress history of the soil.
Ti-iaxial test data, either conducted by the author at Queen Mary and Westfield College
or presented by Powrie (1986), were used to provide an approximate profile of
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undrained shear strength for the clay after initial equilibration period in the centrillige.
These indicated a value of m0.49 (figure 5.8).
a'
Fig 5.8 Undrained tnaxial shear strength versus log (OCR = ' ) (reproduced from
Powrie, 1986)
For normally consolidated conditions, the ratio of (c/a' 1 ) for kaolin can be shown
using Cam clay, with ?O.26, icO.05 and F=3.1O (Powrie, 1986), to be equal to 0.22.
Substituting these values in equation (5.22), and also taking in account that, for both the
current tests and those reported by Powrie (1986), OCR = VTr.X = 1250 then
\049
c/a', (1250	 _______
0.22	 a's, )
	
c = o.22(125o)°	
'0.49
(a',)
(	 to.5iI
	=7.24a'j I	 (5.23)
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It may be seen that the profile of; with depth in the centrifuge will depend on the
vertical effective stress, which in turn depends on the pore water pressures. For the
purposes of this calculation, there are two possibilities:
(i) If the conditions are hydrostatic, so that the distribution of the pore water pressure
with depth follows the equation:
U =
where y =9.81kN/m3, then the values of the undrained shear strength in terms of the
depth z, are given by the equation 5.24, taking y=17.5kN/m3:
= 7.24(y—y)°' z°3' = 7.24(17.5-9.81)°' z°3'
C u = 20.5z° 5'	 (5.24)
(ii) In reality in the centrifuge tests, the pore water pressure at the surface (z=O) may be
less than zero, which means that the variation of the pore water pressure with depth is
given by the relation:
U =
where u0 is the pore water suction at the surface.
Then the vertical effective stress is:
a',, =a —u =iz-(yz—u0)=(y—y)z+u.
and consequently the distribution of the undrained shear strength follows equation (5.25):
0.511
ICU =7.24[(y—y)z+u0] I	 (5.25)
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Phillips (1988), carried out in-flight vane shear tests in samples of kaolin, in which the
previous vertical effective stress
	 9O kPa. Ills results are reproduced in figure 5.9.
0.9
0.8
0.7
0.6
Su
-a;- 0.5
0.4
0.3
0.2
0.1
0
1	 3	 5	 7	 9
OCR
Fig 5.9 Summary of in-flight vane shear test results (reproduced from Philips, 1988)
His data follow also Wroths relation (equation 5.22), giving the mobilised undrained
shear strength c as a function of OCR, and consequently as a function of depth (z).
According to Phillips, however, the numerical values of the constants in the relation are
different. It might be thought that the distribution of c with depth might be better
predicted using results of in situ vane tests, carried Out in the centrifuge during flight.
Unfortunately, such data are difficult to obtain. For the current research, the results of
the triaxial tests, carried out by Powrie (1986) or by the author, were used in order to
predict the distribution of c with the depth. The main reason for this was the different
value of the maximum vertical effective stress under which the samples had been
preconsolidated; the results of Phillips referred to a maximum vertical effective stress of
90 kPa, whereas Powrie's results referred to 1250 kPa. All of the samples used in the
current centrifuge tests were preconsolidated to 1250 kPa, and it was considered
appropriate to use data from samples which had the same stress history as the clay used
in the centrifuge models.
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The variation of the undrained shear strength with depth in the centrifuge tests was
estimated using equations (5.23) and (5.25). The profiles for tests CK5 and CK1 1 (full-
width trench) were produced using equation 5.25, and are illustrated in figure 5.10. The
initial pore water suctions at the soil surface for CK5 and CK1 1 were u 0 1.92 kPa and
u011=6.0 kPa, respectively. In the same figure, a third profile of undrained shear strength
with depth is also presented, assuming hydrostatic pore pressure conditions. This profile
corresponds to equation 5.24. It can be seen that, below a depth of approximately 5m (at
prototype scale), all three profiles are almost coincident. Thus, when the values of the
mobiised undrained shear strength for certain depths are estimated in the following
sections of this chapter, the idealised hydrostatic condition will be assumed.
C
U
0	 10	 20	 30	 40	 50	 60	 70	 80	 90	 100
0
-5
-10
-15
-20
-25
-30
depth (m)
Fig 5.10 Profiles of undrained shear strength with depth
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5.2.3 The	 - ( relation
The basic curves of mobilised shear strength c against shear strain 'y, shown in
figure5. 12, were taken from triaxial tests conducted either by Powrie (1986) or by the
author. Details are given in table 5.1. These results were used in the calculation of
displacements using the analytical model described above.
	
Tests	 1A	 1D	 2A	 1E	 3A
Parameters___________ ___________ ___________ ___________ ___________
Type of test	 Undrained Undrained Undrained Undrained Undrained
Cell Pressure (kPa) 	 412	 353	 454	 472	 450
Initial pwp (back
pressure) (kPa)	 196	 218	 340	 344	 322
	
p' at start of test (kPa)	 216	 135	 114	 128	 128
; (kPa)	 123.1	 86.5	 76.3	 59.75	 47.9
corresponding depth
z(m), assuming
y=17.5kNIm3
	28.08	 17.55	 14.82	 16.65	 16.65
Table 5.1 (a) Triaxial tests 1A, 1D, 2A, 1E and 3A (reproduced from Powrie, 1986)
Test	 Cl	 C2	 C3
Parameters__________	 __________
Type of test	 Undrained Undrained Undrained
Cell Pressure (kPa) 	 50	 100	 150
Initial pwp (back pressure)	 0	 0	 0
(kPa)
p' at start of test (kPa) 	 50	 100	 150
; (kPa)	 34.10	 56.08	 56.97
corresponding depth z (m),
assuming y=17.5kN/m3	 6.50	 13.00	 19.50
Table 5.1 (b)Triaxial tests Cl, C2 and C3 (conducted by the author)
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Before proceeding with the calculation, it is necessary to generate curves of undrained
mobilised shear strength (c) vs shear strain (y), which are appropriate to the starting
point of the soil at each depth in the centrifuge model. It is well known that soils
generally, and clays in particular, tend to exhibit non-linear behaviour under shear
loading. In the past, several researchers, among them Kondner (1963), Hardin and
Drnevich (1972), Pyke (1979), and Prevost and Keane (1990), have attempted to find a
functional relationship between the shear stress t and the shear strain
According to Pyke (1979), a simple model that matches reasonably the soil behaviour can
be constructed using a hyperbola to represent the shape of the shear stress - shear strain
relation. Pyke attempts to form the hysteresis loops by modification of Masing's rules for
the construction of hysteresis loops for brass. He considers that a reversal of shear stress
has little effect on the shape of the stress - strain curve.
It is convenient to normalize the shear stress and the shear strain in terms of 	 and
where 731 is the reference strain defined in terms of G and 'r31, which here is taken to
be equal to the undrained shear strength c, as shown in figure 5.11.
w
Fig. 5.11 Definition of 7)' in terms of G,. and r,.= 1 used in Hyperbolic model
(reproduced from Pyke, 1979)
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According to this model, the normalized shear stress is given by the following relation:
___	
1	 (5.26)ty 'ty	
'Y	 1 + -
L	 iry j
where ; and y are the values of the shear stress and the shear strain respectively at the
last reversal; G is the initial tangent modulus; and and are as defined above.
The coefficient n is equal to 1 for the initial loading and equal to 2 for unloading and
reloading.
Instead of shear stress, the mobilised undrained shear strength c, can be used. Then, 'ti,
becomes equal to the ultimate undrained shear strength c. Thus, equation 5.26 becomes:
	
^YmobYI	 1	 1
C	 t	
+ ITmo'_- __ I 	
(5.27)
	
L	 ny,,	 j
where c is the value of the mobilised undrained shear strength at the last reversal for the
point A; y is the corresponding value of shear strain; c is the ultimate undrained shear
strength at the same point A; and finally y is the reference shear strain, as defined in
figure 5.11. It should be pointed out that y, remains constant with depth, if both c and
G increase approximately similarly with depth (so that G /c is constant).
In addition, for the initial loading curve (sometimes called skeleton, backbone or spine
curve), it is assumed that the curve passes through the origin of the axes (0,0), which is
also regarded as the starting point (;) or (c , y). Thus, for the spine curve, equation
(5.27) becomes:
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1	 1
	
'; 
11+ 
ITmobi I	
(5.28)
; j
The hyperbolic function, which is given in equation 5.26 (or 5.27) is a simple curve that
is easily fitted to the initial conditions, but as pointed out by Pyke (1979), it cannot model
failure accurately. This is because the simple hyperbolic function cannot reach a failure
point with zero slope, unless 'y = eo . However, in the current application, failure is not
expected to be reached (except perhaps over limited depth), and the main purpose of the
analysis is to predict ground movements. The use of this simple hyperbolic model was
therefore considered to be not unreasonable.
The relation between the mobilised undrained shear strength and the shear strain given
by equations 5.27 and 5.28, will be used to form both the initial loading curve (spine
curve) and the unloading-reloading loops for each of the chosen points next to the
trench. This is described in briefly in the following section (5.2.3.1).
5.2.3.1 Production of the profiles of
	 vs y appropriate to the starting conditions
in the centrifuge model
In the current analysis, the soil next to the trench has been divided into four zones. These
are defined by the points A 1
 (bottom of the trench=H=18.5m), A2
 (at 3H/4=13.88m), A3
(at H/2=9.25m), A4
 (at H/4=4.63m) and A5
 (top of the trench), as shown in figure 5.6.
The estimated ic=5 1.3 kPa, between the start and the end of the excavation of the
trench (before the concreting takes place), has been assumed to be the same for all
points, as calculated above. Four different curves of cJc vs must be produced,
corresponding to the different starting points c, of each zone of soil, and the variation
in ; with depth. The procedure for the production of these profiles is the same for all of
the points, and will be described briefly below.
In order to estimate the appropriate c - ' y relation for each point according to equation
5.27, the values of	 for each depth, and the unique value of
	 for all depths,
must be known. For each depth, the ultimate undrained shear strength can be predicted
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using Wroth's equation 5.22, which is given in terms of the vertical effective stress (and
consequently the depth), in equation 5.23. Additionally, the value of the undrained shear
strength at last reversal for each curve, is taken as the current value c, for each depth,
ie c, and has already been estimated by means of the Mohr's circles in section 5.2.1.
Thus the ratio	 for each point A1 next to the trench can be evaluated. Figure 5.12
shows the profiles of c, vs y from the several triaxial test data.
140
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y (%)
Fig 5.12 Mobilised undrained shear strength c, as a function of shear strain y(%)
These triaxial tests were standard strain controlled consolidated undrained triaxial
compression tests, with stresses and strains based on measurements made outside the
cell, assuming that the soil sample deforms as a continuum (Bishop & Henkel, 1957).
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Although some authors (Jardine et al, 1984) have suggested that external measurements
can lead to errors, this is no means inevitable. Atkinson (1993) suggests, that stiffness
can be measured reliably in ordinary triaxial tests at axial strains more than about 0.1%.
The strains relevant to the model in the present case are generally well in excess of this.
Also, most tests display satisfactorily high stiffness at small strains, indicating that errors
due to sample bedding and load cell compliance were in general minimal.
The mobilised undrained shear strength may be normalized with respect to the ultimate
undrained shear strength, to produce profiles of c,/c vs y (figure 5.13). The
experimental data may reasonably be represented by a single curve of c,/c vs y.
cmob ICu
IA
0	 2	 4	 6	 8	 10	 12	 14	 16	 18	 20	 22	 24
y (%)
Fig 5.13	 vs y for the several undrained triaxial tests (either from Powrie, 1986 or
conducted by the author)
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The reference shear strain 'y, is defined in terms of 	 when c,/c becomes equal
to unity (ie	 - = 1), as shown in figure 5.13. Equation 5.28, in terms of 	 = y andCu	 Cu
y,, and taking _L = A (y in %) as the unknown constant, becomes:
Y=AYmob[l^AlyI]	 (5.29)
The value of y., (or A) may be adjusted in order to obtain the hyperbola which best fits
the data. This hyperbola defines the spine curve (equation. 5.29), which will be used as
the basis for calculations.
For the data from the triaxial tests, it has been found (figure 5.14) that the best fit is
achieved when A=O.9 (hyperbola I). Thus,
= 1.11%
Yy
A second hyperbola (11) is also presented in figure 5.14, which matches best the small
strains. This has been derived using y = 0.5% (ie A=2).
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Fig. 5.14 The estimated (for best fit) spine curve for the triaxial tests
The spine curve in terms of
	 applies at all depths, and is defined by
Y)
equation 5.30, in which y=l.11%:
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___	 1 (5.30)
C 1	 1.11 I	 lYmobi I
[ 1+	 I1.11 J
Finally, the current value of the shear strain (y) for each point A1 (i1,2,3,4), which is
regarded as the last reversal value (y) for the reloading (or unloading) loop and
corresponds to c, must be estimated. Since each loop of reloading or unloading starts
from the spine curve, all four reversal points should lie on the spine curve, and may be
found using equation (5.30). The values of the initial mobilised undrained shear strength
(c), for each point, have been already estimated in section 5.2.1. Thus, solving equation
(5.30) in terms of c the values of	 can be found. There are two cases:
(i) initially passive conditions (when y<O)
[c1
	Y1n0b1.11'	 I	 (5.31)
Il+Ern2I
	L 	 c]
(ii) initially active conditions (when y>0)
I Cmobl
	
'Ymoblhl'	 I	 (5.32)
I1_I
	L 	 cj
The values of the required parameters, according to the above steps, including the values
of the initial total vertical (ar) and horizontal ((1t) stresses, that have been used for the
Mohr circles in figure (5.7), and calculated from the relationship t h yb(H+h), equation
(5.19), are listed in table 5.2 below. It should be noted that in the initial stress state, for
all points apart from the point A 1, the horizontal stress is greater than the vertical:
consequently passive-type conditions exist, and the values of the initial mobilised
undrained shear strengths are negative. Only point A 1 , which is at 18.5m depth, is in an
active-type conditions, and its mobilised undrained shear strength is positive.
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mit	 mit	 i,init - I	 ,IniI - I	 I	 i'
	
Parameters	 c, = c	 =	 c,	 i
(kPa)	 (kPa)	 (kPa)	 (%)	 (kPa)	 (%)
Points_______ _______ __________ __________ _______ ________
	
A 1 ,,(d=18.50m)	 323.75	 313.50	 5.13	 0.071	 90.80	 1.11
	
A,,(d=13.88m)	 242.90 260.83	 -8.97	 -0.14	 78.40	 1.11
	
A,(d=9.25m)	 161.88 208.05	 -23.09	 -0.62	 63.75	 1.11
	
A4 d=4.63m)	 81.03	 155.38	 -37.18	 -5.42	 44.79	 1.11
Table 5.2 Estimated parameters, required in order to produce the cJc vs
profiles for each point A1-A4.
From these parameters, (table 5.2), the equations for the first loading, and for the
reloading-unloading curves can be found.
It should be noted here that, for points A 1 , A2 and A3, the estimated difference of 51 kPa
between the initial and the final state during the construction of the wall results in a
predicted final mobilised undrained shear strength, C b 1 , which is outside the loop that
starts from the initial state. Under these circumstances, the unloading path returns back
to the main (spine) curve, so that 	 for each point can be calculated using equations
(5.31) or (5.32).
A similar procedure may be used to estimate shear strains and ground movements
resulting from the increase in lateral stress during concreting. The lateral stresses exerted
during concreting, however, are rather less certain than during excavation, and may be
smaller than the fluid pressure of wet concrete due to the strength of the mix, or because
the concrete at the base of the panel begins to set before the pour is completed.
Ng (1992) argues that the lateral stress during concreting will be equivalent to the
hydrostatic pressure of wet concrete down to a certain critical depth, below which the
concrete will have begun to set. Below this critical depth, the rate of increase in lateral
stress with depth is equal to the unit weight of the bentonite slurry; the slurry having
acted as a surcharge during placement of the concrete at depth. Ng (1992) shows that his
own field data, and those of DiBiagio & Roti (1972) and Uriel & Otero (1977), conform
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to this pattern. Thus, according to Ng (1992), a theoretical bilinear lateral pressure
envelope (during concreting) is appropriate as below:
fyz.................................. z^h
z>h	
(533)
where ah is the total lateral pressure, 'y is the unit weight of reinforced (wet) concrete, Yb
is the unit weight of the bentonite slurry, h is the critical depth and z is the depth below
the soil surface. During this phase, ah is approximately equal to the hydrostatic pressure
of wet concrete down to a depth b. Below this level, the increase in horizontal stress due
to concreting is constant and equal to so that the total stress (taking account of the
hydrostatic pressure of the bentonite which already acts) is h= Yh + yb(z-hC).
Lateral stresses equal to the fluid pressure of wet concrete were observed to depths of 5
to 10 m by Ng (1992), DiBiagio & Roti (1972) and Uriel & Otero (1977), while below
these depths, the rates of increase of lateral stress with depth were smaller by a factor of
about two.
In the model during the centrifuge tests, the simulated concrete was deposited initially as
an hydraulic fill, and was placed quickly in comparison with its setting time. It is unlikely,
however, that fI.iU hydrostatic pressures were achieved at the base of the trench, because
of the rapidity with which the particulate material would have begun to consolidate. The
maximum pressure recorded by the transducer at the bottom of the rubber bag during the
deposition of the concrete was about 340 kPa (for test CK1 1 the actual reading was
332.8 kPa): this provides an approximate indication of the lateral stress at the base of the
trench which is consistent with the data reported by Ng (1992). Using equation (5.33)
and taking as maximum pressure p=332.8 kPa, the critical depth h can be estimated as
follows:
(YCYb)hC+YbF1
=	 —YbHI
	 (5.34)
I C	 (YC—Yb)I
here H is the total depth of the trench.
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Substituting the appropriate values for the required parameters, i.e. y=24kNIm3,
Yb-1O.5kN/m3 and H=18.5m, the critical depth can be estimated: hO.25m. The lateral
pressure at the critical depth is:
p =hy	 p246kPa.
Thus, for the centrifuge tests, the theoretical lateral pressure envelope can be given by:
124z..................................z^1O.25m
cYb
1138.40+1O.5z...................z>1O.25m	
(5.35)
In figure 5.15 the estimated distribution of the lateral stresses with depth during
concreting is shown.
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Fig. 5.15 Distribution of lateral stresses with depth during concreting in the centrifuge
tests.
The change in mobilised undrained shear strength c 1 during concreting in the
centrifuge tests is a function of depth. Assuming that the unit weight of the soil is
y5=17.5kN/m3
 (with all of the remainder parameters as stated above), and that the
distribution of the lateral stresses is given by equation (5.35), then the variation of the
undrained shear strength	 = a - (Tb) with depth (z), is given by:
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1-3.25z.................................. z^1O.25m
C	 =4 7z-138.40	 (5.36)
.....z>1O.25m
1	 2
The stress-strain (Cm ,IC vs y,/y) relations for each of the points A 1-A4 are shown in
figures 5.16-5.19 respectively. The spine curve is also included in each figure, together
with the initial stress states and the stress states, at the end of the excavation, A, and
at the end of concreting, A. Hence, it is possible in each case, to calculate the
displacements for the change in shear strain Ay because the initial point corresponds to
'r=° in reality. All of the calculated stress / strain parameters are shown in tables 5.3 and
5.4, for the excavation and concreting stages, respectively (section 5.2.4).
C	 Ic
mob	 U
-L
Fig 5.16 Profiles of c,/c vs y/y for point A1(18.5m depth): spine curve and
unloading I reloading loops
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Cmob IC
Fig 5.17 Profiles of cm/cu vs	 for point A2 (13.88m depth): spine curie and
unloading / reloading loops
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Cb 'Cu
Fig 5.18 Profiles of cJ; vs yjy3, for point A3 (9.25m depth): spine curve and
unloading I reloading loops
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C	 /c
mob
Fig 5.19 Profiles of CmthICu vs yJy, for point A4 (4.63m depth): spine curve and
unloading / reloading loops
5.2.4 Example calculation of the total displacements during the installation of the
retaining wall
In this section, the total horizontal and vertical displacements are calculated using the
analytical model described in section 5.1.2.2. The stress / strain relations (i.e. c,/; vs
Jy curves) shown in figures 5.16, 5.17, 5.18 and 5.19 were used in these
calculations.
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The estimated values of the mobilised undrained shear strength at the end of the
excavation c	 and concreting c, and the corresponding values of the shear strain
y	 and	 for all the points A (i=1, 2, 3, 4) are given in tables 5.3 (excavation
stage) and 5.4 (concreting stage). The corresponding normalized values (i.e. normalized
with respect to c and are also included. Additionally, the calculated &y for each stage
are also presented in these tables. Hence, the displacements, occurring during the
excavation of the trench and during concreting can be estimated.
y at the end of excavation
IL
i.exc	 I.0	 iexc	 __
	Parameters	 c,	 c	 Ymob	 ____	 (J
c 1
	,Yy
(kPa)	 (%)	 (%)
Points __________ __________ _________ __________ _________
	A1 (d=18.50m)	 56.43	 0.620	 1.810	 1.620	 1.74
	
A,(d=13.88m)	 42.33	 0.540	 1.303	 1.171	 1.44
A	 (d= 9.25m)	 28.21	 0.443	 0.880	 0.790	 1.50
	
A4 (d=4.63m)	 14.12	 0.315	 -2.440	 -2.200	 2.98
Table 5.3 Estimated parameters, at the end of excavation of the trench (Ac =51.3kPa and
73 =111 for all the points).
'y at the end of concreting
ii.
i.	 i.COflC	 i,coacParameters	 c,	 ____	 Ymol)	 lmob
73
(icPa)	 (%)	 (%)
Points __________ __________ __________ __________ __________
A1	(d=18.50m)	 -4.45	 -0.049	 0.69	 0.623	 0.619
A,(d=13.88m)	 -20.62	 -0.263	 -0.186	 -0.168	 -0.046
A1 (d 9.25m)	 -30.06	 -0.472	 -0.990	 -0.890	 -0.370
A4	(d=4.63m)	 -15.05	 -0.336	 -3.510	 -3.164	 1.910
Table 5.4 Estimated parameters at the end of concreting.
-178-
5. Calculation of ground movements
It should be noted that the values of &y°, given in the last column of table 5.4, are
cumulative (from the initial state) rather than incremental during concreting.
The maximum horizontal and vertical displacement during the excavation, calculated
using equations (5.18) and (5.19) are:
Ih	 6V	 = 177mm	 (5.37)t.ccc
Hence, the total displacement, by means of equation (5.18) will be:
tOI.f,C
Ito' .exc = 250.3mm I 	 (5.38)
and will have slope 45° to the horizontal.
The pattern of the soil settlements is shown in figure 5.20
It should be noted here that all the results in the current chapter (tables 5.2, 5.3 and 5.4)
are based on ?i.i%. The corresponding calculations using y=O.S% give soil
displacements that are approximately half of those using y ),= l .1%. These results represent
upper and lower limits to the values which may reasonably be calculated from the data.
The discrepancy is a factor of two, which is probably satisfactory for initial predictions of
ground movements, provided that the overall magnitude of movement is not excessive.
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-- _arni
depth (m)
Fig 5.20 Pattern of soil movements at the end of excavation, according to the theoretical
model
The pattern of soil movements with y =O.5% is also shown in figure 5.20, indicating the
lower limit for the calculated ground settlements occurring during the excavation stage
=	 = 80mm).
During concreting, the surface of the soil tends to move upwards (a heave is generated),
and the side of the trench tends to move backwards. The corresponding magnitudes of
these horizontal and vertical movements (case of y=l. 1%) can be calculated using again
equation (5.15) and (5.16):
h	 öV	 =48.80mm	 (5.39)tct,conc	 tCtccnc
(The total displacement at the end of concreting stage is given by equation (5.39), using
the relation (5.19):
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tCt,conC =48.80i=
= 69mm !	 (5.40)
Correspondingly for the case of y =O.5% the	 =	 = 22mm. Finally, the
pattern of the soil movements after the end of the concreting stage for both different
values of is shown in figure 5.21 below:
0mm
500mm
(scale for
displacements)
Fig 5.21 Pattern of soil movements after the end of concreting
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5.2.5 Numerical simulation of the soil displacement
Using the simple shear mechanism, presented by Bolton and Powrie (1987), in which a
unique value of the nonnalized mobilised undrained shear strain is assumed (section
5.1.2.2), the soil displacement down the depth of the trench is a straight line. Thus,
knowing the displacement at the top of the trench, is very easy to estimate the horizontal
displacement at any depth, since the angle of rotation is the same for all the depths.
On the other hand, assuming that the normalized mobilised undrained shear strength
varies with depth (as in the mechanism which has been developed and presented in
section 5.1.2.2), the distortion down the depth of the trench can be simulated by a curve.
In order to approximate this curve, and hence to predict the horizontal movement at any
depth, a numerical approach may be adopted. A polynomial is assumed, and its constants
estimated using the appropriate boundary conditions.
Assuming for example three divisions down the depth of the trench, a cubic polynomial is
used, and the number of constants which must be estimated is four. For four divisions,
the degree of the polynomial is four and the number of constants is five. In general, for n
divisions, an n-degree polynomial is used, and the number of constants is (n+l). Ths
numerical approach is shown in detail below, describing the case for four divisions, as
used in the calculation described above.
In this case the displacement mechanism has already been presented graphically in
figure5.3 of section 5.1.2.2. This mechanism is shown more simply in figure 5.22, with
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As(H)
A4(3H14)
z(m)	 /
A3(2H14)
A2(H14)
Ai (0)
(A1
 represents the bottom of the trench, and A 5 the top)
Fig 5.22 Deformed shape of trench side
The equation of the displacement after excavation of the trench is:
xC4 z4 +C 3z 3 +C 2 z2 +C 1 z+C0	(5.41)
In order to estimate the values of the constants C 1, C2, C3, C4 and the constant term CO3
five boundary conditions are required:
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For z =0, then
HForz = —, then
4
xA5A	 =(&yi-i-&y2+öy3+&y4)
x=A4A4 = ( öi1 Y2 @3)
2H	 HFor z = -, then x = A 3A; = -(@ + @2)4
3HForz = —, then
4
Forz = H, then
x= A2A = H5y1
x=A 1 A =0
Substituting the five different values for the depth (z), and the corresponding values of
the horizontal displacements as a function of &y and H, into equation (5.41), a system of
five equations with five unknown is created, where the five unknown are the constants
CO3 C1, C2, C3, and C4 . By solving this system, the constants can be calculated as a
function of the four changes in shear strains (&y1) and the depth of the trench H; these
constants are given below:
- 4( - 6y1 +3 @2 -3 5Y + 5y4)C4—	
3H3
- 2(3&y1 -11y2 +13573-5574)
C3—	
3H2
C _-115y+455y2-69Sy3+35&y4
2	 12H
C1 =	 - 
13&y2 + 23& 3 - 25&y'4
24
- H(&y 1 ^&y2 +&(3 +3)13
8
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Substituting the appropriate values of &y1, (table 5.3) and taken H=18.5m, the five
constants can be calculated. Thus:
C 4 =2.232x1O,C 3 =-1.173x1O,C 2 =2.093x10 3 ,C 1 -2.229x10 2 and C =1.771x1(T'
Substituting these values into equation 5.38, the pattern of soil movement next to the
trench during excavation, may be estimated as a continuous curve, as shown in figure
5.23.
distance (m)
depth (m)
Fig 5.23 Pattern of soil movements after excavation using the numerical approximation
For the concreting stage, equation 5.41 has different constants C O3 C 1 , C2, C3 and C4.
These can be calculated in a similar way, substituting the appropriate estimated values of
&y, from table 5.4. Thus, the estimated values for the five constants for the concreting
phase are:
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C4 =4.765x1O,C 3 =-2.337x1O,C2 =3.761x10 3 ,C1 -2.242x10 2 and C0 =48.860x103
The corresponding pattern of soil movements at the end of the concreting stage is shown
in figure 5.24.
distrnc.e (m'
deptlm)
Fig. 5.24 Pattern of soil movements at the end of concreting using the numerical
approximation
It is assumed that, in the general case, the shape of the curve is represented by a
polynomial of degree n::
x =
	
+ C(fl)Z' + C(fl 2) Z 2 + •+C 2 z2 + C 1 z + C0	 (5.42)
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Then the system of n+1 equations with n+1 unknown will be:
1 H (H
c 
()fl 
+ C(1) (!) + C(.2) 
(_)	
+C1 I - I = -t -\n)	 2n)
f	 n-I
4-C (fl.1) I __1 +C ( .2) I 	 +...+cjl=fL\syn-1 +&ç)
tn)	 nJ	 n) (,2n)
c(-!) +C (flI) (_) +C (n.2) .J +...+ci(.J±)={!i)(ay2 +&y +&y)
n-I
c(" 1)H1 + C(fll)() +... +c1( 
_1)H) -(-):&r2 + &f3+...+8y..1 +
C flH n +C()Hn-' +... +ClH=1 L')(oy I +&y2+&y3+...+&yn-, +&y)2n)
where the constant term C 0 is found by solving the equation 5.42, for z0. Thus,
c0 _ (_)(&r 1 +&72 +3(3 +"+6 +6y13.
The displacements at the position of the LVDT's can be estimated using equation 5.41, in
order to compare the measured data with the calculated ground movements. This is done
in chapter 6.
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Chapter 6
Comparison of centrifuge model test results
with calculations andfield data
This chapter is divided into two sections. In section 6.1, comparisons between the data
recorded during the centrifuge tests, and the results of the theoretical model (described in
chapter five) are presented. In section 6.2, results from the centrifuge tests are compared
with field data. The field data have been collected from various sites, and are mainly from
previous publications describing recent construction works. Section 6.2.1 is concerned
with ground movements. In section 6.2.2, the changes in pore water pressure during the
installation of short panels in the centrifuge and in the field are compared.
depth (m)
6. Comparisons of cenlr4fuge model lest results with calculation andfield data
6.1 Comparison of measured ground movements in the centrifuge, with ground
movements predicted from the theoretical model
In this section, the predictions of the theoretical model are compared with the measured
data from the centrifuge tests. Figures 6.1 and 6.2 show the patterns of soil movements
after excavation and after the concrete has set.
0mm
500mm
(scale for
displacements)
Fig 6.1 Patterns of soil movement after the excavation - LVDT measurements and
theoretical model
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4U
depth (m)
Fig 6.2 Patterns of soil movements after concreting - LVDT measurements and
theoretical model
In figure 6.1, the measured and predicted movements are consistent, and show an
outward movement of the trench face, which becomes larger near the top of the trench.
The LVDT measurements are shown as single points at the appropriate positions, while
the pattern of soil movements predicted from the theoretical model, is plotted as a line
with the calculation points indicated.
For the concreting stage (figure 6.2), the measured deformations lie on either side of
those predicted by the analytical model. This quite significant difference between the
measured and analytical movements at this stage for test CKI 1 probably resulted from
the partial blockage of the rubber bag overflow valve during the centrifuge test. This
would have caused, temporarily, a larger than usual increase in the lateral stresses during
concreting, resulting in an enhanced heave at the soil surface. It should be mentioned that
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6. Comparisons of centrifuge model test results with calculation andfield data
the measured movements shown in figures 6.1 and 6.2 refer to tests CK5 and CK1 1 (The
measured movements shown in the following figure 6.3 refer to CK1 1). It is important to
add that, in test CK5 (same geometry and similar initial porewater pressure conditions to
test CK1 1, but without any problem during the excavation and concreting of the trench)
the large heave during the concreting stage did not occur. Thus, it is likely that the
analytical model tends to overpredict the ground movements which will occur during
concreting.
Figure 6.3 shows the displacements normalized with respect to the depth of the wall
versus the distance from the wall (also normalized with respect to the depth of the wall),
for the stage just after the end of excavation. In this figure, the maximum settlement
recorded by the video camera, is represented as a single point.
/H
-1.8	 -1.6	 -0.2
-0.2
-0.4
Fig 6.3 Normalized soil surface settlements, just after excavation
It may be seen that, in figure 6.3 the observed settlement patterns are similar.
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In order to compare the data recorded during the centrifuge tests with the predictions of
the simple analysis, equation 5.41 was used. By means of this equation (substituting the
values of the constants appropriate for each stage), the soil movements at the locations of
the LVDTs could be calculated. These movements for the two cases (ie (i) after the end
of excavation and (ii) after the concrete has set) are given in table 6.1 below. The
recorded displacements during the centrifuge tests are also listed in table 6.1. It should be
pointed out that data from only three LVDT's are given, since according to the
theoretical model, at a distance of one trench depth away from the trench, the
displacement becomes zero.
Position from the trench	 2.50 m	 7.50 m	 17.50 m
(LVDTI)	 (LVDT2)	 (LVDT3)
Displacements(mm)	 _______________ _______________ _______________
Measured in centrifuge CK11	 -189.25	 -89.17	 -20.54
(just after excavation)
CK5	 -219.05	 -98.00	 -
Predicted by the model	 -132.75	 -85.27	 -8.73
(just after excavation) 	 ______________ ______________ ______________
Measured in centrifuge CK11	 234.90	 164.09	 13.69
(after concreting)
	
CK5-185.00	 -83.00	 _____________
Predicted by the model	 -12.86	 -8.79	 -2.96
(after concreting)	 _______________ _______________ _______________
Table 6.1 Measured and predicted displacements associated with the installation of the
diaphragm wall under bentonite sluny and concreting
6.2 Comparison of the centrifuge results with field data
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Field data, either from previously published work or from recent construction works,
have been collected from various sites, in order to compare them with the centrifuge
results. However, it is important to mention that such comparisons are qualitative rather
than quantitative. The main reason is that, the magnitude of the ground movements
depends on a number of factors including the stiffness of the soil, the groundwater
conditions, the changes in groundwater level, the panel geometry and the initial in situ
lateral stresses. In spite of this, these comparisons can still provide some information on
the general profiles of deformation during excavation under bentonite and concreting of a
diaphragm wall trench. Additionally, they can give an indication of the reliability of the
conclusions that have been drawn from the centrifuge test results (in chapter five, and in
the following chapter seven) and consequently, lead to a better insight into how the
various factors affect the ground movements during the wall installation.
6.2.1 Ground movements
In table 6.2, the locations of the sites from which the field data were obtained, a brief
geological description of the sites, the ground water conditions and the maximum
recorded settlements during the installation of the diaphragm wall, are listed. In the same
table, the type of the diaphragm wall is also given, specii, ring the exact dimensions of the
panel(s).
Comparisons will be given for: (a) displacements measured along the centreline of the
trench (including all the different cases; ie plane strain conditions and panels with finite
length) and (b) displacements measured at the edge of the trenches.
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Location	 Brief geological Groundwater	 Type of	 Maximum
description	 conditions	 panel	 settlement
	
Lion Yard	 3-4m Fill/Gravel	 gwl 3-3.5 m	 0.6m wide	 >0.5 mm
	Ng (1992)	 38m Gault Clay below existing	 8.5m long	 approx. 18.0 m
______________ ________________ ground level 17.Om deep from the trench
	
Singapore	 Singapore marine gwl close to 	 1 .2m wide	 11.5 mm
Wallace, J C,	 clays	 the ground	 6.Om long	 exactly
Long, M M &	 surface	 40.Om deep adjacent to the
Ho, C E (1993) _______________ ____________ (trial panel) 	 trench
Limehouse Link	 Medium dense	 very low	 I .2m wide	 2.4 mm at
(data provided	 brown sandy	 ground water	 4.2m long	 approximately
by Sir Alexander Gravel, followed 	 table	 about	 l.5-2.Om from
	
Gibb &	 by London Clay	 20m deep	 the trench
	
Partners)	 _________________ _____________ ____________ ______________
New Palace	 O.0-2.Om Fill	 Ground water Diaphragm 5mm at about
Yard	 2-6m made ground table 5.5-6.Om 	 wall,	 tOrn from the
Burland J B &	 6-lOm sandy	 below the	 im wide and	 trench
Hancock R J R	 gravel	 surface	 28.5m deep
	
(1977)	 up to 42m London
________________	 Clay	 ______________ _____________ ______________
Table 6.2 The field data
(a) Displacements along the centreline of the diaphragm wall trench
Figure 6.4 shows the settlements measured at the sites, normalized with respect to the
depth of the trench. The observed settlements at Lion Yard - Cambridge (Ng, 1992),
United Overseas Bank - Singapore (Wallace, Long & Ho, 1993), Limehouse Link -
London area (data provided by Sir Alexander Gibb & Partners - Dr Eileen De Moor) and
New Palace Yard - London area (Burland & Hancock, 1977) are represented by points.
Clough & ORourke (1990) summarized settlements measured at four slurry walls in
granular soil, soft to medium clay and soft to very hard clay. According to them, the
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settlements were a very small percentage of the trench depth. However, significant
movements might still occur with deep walls. Clough & O'Rourke presented a curve,
from which an upper limit to the expected settlements may be set. This settlement curve,
plotted in nondimensional form, is reproduced in figure 6.4.
Thompson (1991) collected data from thirteen different sites in the London area, where
several types of diaphragm wall were constructed. He used these data to set a limit to the
soil surface settlements, and this line is shown in figure 6.4.
Peck (1969) summarized data from various excavations in several types of materials,
which appear to define two limits. Both the upper and the lower limits are shown in
figure 6.4. These relate to the formation of the main excavation in addition to the slurry
trenching phase, and are therefore not strictly comparable. Nonetheless it is interesting to
see that the largest movements observed during trenching in the centrifuge were
generally less than Peck's overall lower limit.
Finally, in the same figure, the profiles of the normalized settlements along the centreline
of the trench, as measured during diaphragm wall installation in the centrifuge, are
indicated. Two such profiles are shown on this plot (figure 6.4), chosen because of the
limits that they can set; the profile CK1 1 gives an upper limiting curve, while CK4 gives
a lower limiting curve, for plane strain excavations.
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CK4 - low gwl
CK11 -high gwl
A	 Lion Yard (Ng,
1992)
- - Clough & ORourke
(1990)
Singapore (Wallace
at al (1993)
Thompson (1991)
- - - upper limit (Peck,
1969)
- - - - lower limit (Peck,
1969)
Fig. 6.4 Normalized settlements along the centreline of the trench, generated due to
diaphragm wall installation
It can be seen that the ground movements decrease quite significantly with distance from
the trench irrespective of the dimensions of the panel, the type of the soil or the ground
water table at each site. It may also be noted that the upper limiting settlement curve
derived from the centrifuge tests, is well in excess of the field data. The lower limiting
settlement curve corresponds to larger settlements than those measured at Lion Yard
(Ng,1992), Singapore (Wallace et all, 1993), Limehouse (Sir Alexander Gibb &
Partners,1992) and New Palace Yard (Burland and & Hancock, 1977), but is similar to
the limits proposed by dough & O'Rourke (1990) and Thompson (1991).
It should be also remembered that, in test CK4 the ground water level was low (about
lOm below the model surface) and plane strain conditions existed (full width trench), and
that test CKI 1 was also a fill width trench (plane strain case), but with a high ground
water level (almost at the surface of the model).
It is clear that the upper limiting curve from the centrifuge tests overestimates
considerably the ground movements which occur in reality. The lower limiting curve is
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closer to the real situations. This is perhaps not too surprising, since in many field cases
the groundwater level is some metres below the ground surface.
Figure 6.5 shows the relation between the displacements recorded in the centrifuge along
the centreline of the panel (normalized with respect to the depth of the trench) and the
inverse of the trench aspect ratio (b/i), at various distances from the trench. In this figure,
for each case, the field data are presented as single points.
8/ H (%)
1.2 
-r
• xJH 1.053- Lion Yard (Ng. 1992)
£ adjacent the french-Singapore (Wallace ci al, 1992)
1
	
* x/H 0.1 - Limehouse Link (Sir Alexander Gibb & Partners, 1992)
0.8
0.6
x/H = 0.135 (LVDT1)
0.4
0.2 --
I x'H 0 962 (LVDT3)
1.75LVD
•
plane0strain	 0.05	 0.1
"N.i0.4o5(LvDT2i......
0.15	 0.2	 0.25	 0.3	 0.35	 0.4
aspect ratio l/b=5	 aSpect ratio 11b2.5
b/I
Fig 6.5 Normalized soil settlements along the centreline of the trench at various distances
from the trench (centrifuge results for high groundwater levels)
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It can be seen that the points representing Lion Yard and Singapore are well below the
trends indicated by the centrifi.ige tests (Lion Yard, x/H = 1 .053, while for Singapore the
settlement was measured just adjacent to the trench). The displacement in the case of
Limehouse Link, which has an inverse aspect ratio greater than that in the centrifuge
(b/l=O.286), and a distance from the trench xfH=O. 1, seems to be also well below the
centrifuge data corresponding to xIH=O.135.
Figure 6.5 suggests that to some extent, differences between the ground movements
measured in the centrifuge and in the field are due to panel geometry and groundwater
level. Remaining discrepancies are probably attributable to soil stiffness. Hence, the
centrifuge model test data are reasonably consistent with field observations, and can form
part of a data base for use in empirical design methods.
(b) Displacements at the edge of the diaphragm wall trench
Figure 6.6 shows the settlements at the edge of the panel as a function of the distance
from the trench. Both parameters are normalized with respect to the total depth of the
trench. On this nondimensional diagram, the observed settlements from the Limehouse
Link (Sir Alexander Gibb and Partners, 1992) are presented. Additionally, the settlements
recorded by the LVDT's after the end of the excavation in the centrifuge, for the 1/2
width (test CK8) and 1/4 width panels (test CK9 and CKIO), are shown. For test CK9,
the settlement is represented by a single point, since one of the two LVDT's located at
the edge of the trench failed during the test.
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Fig. 6.6 Normalized settlements at the edge of the panel generated due to diaphragm wall
installation
The data recorded during the centrifuge tests indicate the extent of the zone within which
significant ground movements at the edge of the trench may occur, during the installation
of the diaphragm wall. This zone consists of two limiting settlement lines; the upper of
which corresponds to test CK8, and the lower to test CK1O.
It is apparent that the observed settlements at Limehouse fall well below those observed
in the centrifuge. However, it may be seen that at Limehouse the settlements decrease
with distance from the trench.
The difference between the centrifuge settlements and those measured in the field is
caused mainly in this case by the different groundwater level and different soil stiffness,
and also the different I/b.
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Finally, the normalized settlement profile at the edge of the panel for various aspect
ratios, at a distance
	 = 0.405, is given in figure 6.7. The measured settlement at
Limehouse for the same distance 0.405, is represented as a single point.
.5
.4
.3
.2
.1
0
0	 0.05	 0.1	 0.15	 0.2	 0.25	 0.
planestrain	 aspectratiol/b=I0	 aspectratiollb=5
b/i
Fig. 6.7 Normalized soil settlement profile at the edge of the panel for various aspect
ratios, at a distance 	 = 0.405
H
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It may be seen again, that the observed settlement at Limehouse, is probably slightly
below the trend of the centrifuge test data. This is due to the effects of groundwater level
and soil stiffliess.
Before closing this section, the measured settlements for the case of the Limehouse Link
excavation will presented in more detail. The layout of the settlement beacons is shown
in figure 6.8 below.
A- -
1.883m
B.
2.322m
C - -
2.41 8m
2.266ni
E-
2.058m
F- -
G	 H
2.17Gm	 2.197m
panel A
1.976m j	 K
- 1.77Gm	 1.98Gm
- 2.Om
panel B
4.2m
L
1 .2m
Figure 6.8 Layout on plan of the settlement beacons at Limehouse.
The dimensions of the two panels and the distances between the beacons are shown in
figure 6.8 (not to scale).
Initially, panel A was excavated and backfllled, and afterwards, the excavation of panel B
was carried out. The field data collected from this area are listed in table 6.3 below, for
each of the settlement beacons.
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Settlement	 Measured	 Settlement beacons 	 Measured
beacons (edge /	 settlements	 (adjacent to the	 settlements
vertical direction) 	 (mm)	 trench / horizontal 	 (mm)
________________ ________________ 	
direction)	 ________________
A	 =0	 I	 1.70
B	 =0	 G	 2.30
C	 =0	 H	 2.40
D	 0.2	 J	 2.00
E	 0.5	 K	 1.50
F	 1.5	 L	 1.25
Table 6.3 Settlements at Limehouse
It is interesting that the settlement at approximately the centre (point H) of the first panel
A (2.40nm), is 1.6 times greater than that at the centre of panel B (point K - 1.5mm).
The reason for this is unclear, but it is perhaps due to the sequential of process
installation of the panels. However, it should be noted that the magnitude of the
settlement at point H is very small, even though this is the maximum settlement measured
at the Limehouse site.
6.2.2 Pore water pressures
The changes in the pore water pressures and in the lateral stresses caused by the
installation of diaphragm walls in London clay, have been investigated by Symons and
Carder (1993), using field measurements.
The diaphragm wall was constructed in planar panels 4m in length by 0.6m in width and
1 5m in depth. The wall panels were generally excavated and concreted in subsequent
days. Piezometers installed at 11 .5m and at 14m depth in boreholes, located at a distance
im from the panel (here No 39, figure 6.9), were used for detailed information on the
changes in porewater pressure during the excavation and the concreting of the panel. The
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initial water table (i.e. prior the excavation) was approximately 3.5 - 4.Om below the
ground surface.
During the excavation under bentonite slurry, reductions in the porewater pressure were
recorded. These reductions were followed by an increase to above the pre-excavation
values after the concreting of the trench. After the wall installation was completed, the
porewater pressure stabilized gradually to similar pressures to those that had existed
before the start of the excavation. Figure 6.9, reproduced here from Symons and Carder
(1993), shows the changes in porewater pressure during wall installation.
110
100 -
/	 /	 1&5m depth
	
90 -
	 //	
omete r at
	
80 -	 / /
	
Viez0mer at
	
70 -	 /	 llmdepth/
	
60-	 /
50	 Panel 39
	
Excavation:	 Panel 38
	
Concret	
Panel 40
ing:	 Panel 39	 Panel 38
16	 17	 18	 19	 20	 21	 22	 23
Time (Days)
Fig. 6.9 Piezometer data (from Symons and Carder, 1993)
It may be seen that after the excavation of the trench under bentonite slurry, the overall
porewater pressure fell by about 25 kPa on both piezometers. Readings taken after
concreting show an increase of approximately 45 kPa under the loading of wet concrete.
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It should be added that similar changes, but with reduced magnitude, were measured as
the adjoining panels 40 and 38 were excavated and concreted.
The changes in pore water pressure during the excavation under bentonite slurry and
concreting of the diaphragm wall panel as measured in the field by Symons & Carder
(1993), may be compared with the centrifuge test results (figure 6.10 - from figure 4.9)
for the case of the 1/4 width trench (panel 5m long, im wide and 18.5m deep, at field
scale), which was simulated in test CK1O.
-20	 -10	 0	 10	 20	 30	 40	 50	 60
time (days) following excavation and concreting
Fig. 6.10 Changes in pore water pressure during excavation and concreting-test CK1O
(from figure 4.9)
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It may be seen that the general shape of the two profiles (from the field and from the
centrifuge test) is not dissimilar. It is also apparent that the overall drop recorded in
porewater pressure at PP2 in the centrifuge model at the end of the excavation of the
trench is approximately the same (about 2OkPa) as that measured in the field, whilst the
increase due to the concreting, is significant smaller (about lOkPa). At PP4, only very
small changes were recorded in the centrifuge. It should be remembered that the
locations of PP2 and PP4 are 2.5m away from the trench and 17.5m deep, and 2.5m
away from the trench and 9.5m deep, respectively.
The main reason for this difference in the magnitudes of the changes in pore water
pressure during the installation of the panel, is the different distances from the trench.
Differences in the installation procedure, type of soil and the initial groundwater
conditions might also have an effect. In general, however, the field data and the
centrifuge model test results are reasonably consistent.
In addition, it should be mentioned that Kutmen (1986) using the finite element analysis
program CRISP (Britto and Gunn, 1987), modelled the installation of both a plane strain
diaphragm wall and a single bored pile. Some of his results are quoted by Gunn and
Clayton (1992). According to these, the traces for the changes in pore water pressure are
similar in shape to those recorded in the centrifuge. A reduction in the pore water
pressure was observed during excavation of the trench which was followed by an
increase just after concreting. After concreting the pore water pressures returned
approximately to their initial values. However, it should be pointed out that in the CRISP
analysis of the single pile, negative pore water pressures were calculated at the end of the
excavation stage. This could have been due to three-dimensional effects.
Finally, Gunn, Satkunananthan and Clayton (1993) used finite element analysis to
simulate the installation of a retaining wall which had a similar geometry to that at Bell
Common. The effects of wall installation on the calculated ground movements and the
pore water pressure were investigated. Their results show that the magnitude of
installation effects depends on the initial position of the groundwater table and on the
long term support conditions (e.g. free cantilever or propped at crest).
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Conclusions
In the final chapter of this dissertation, the main findings are summarized and suggestions
for further research are made. The first section is concerned with the principal
conclusions of this dissertation. In section 7.2 the significance of the results to
engineering practice is presented and finally, some suggestions for the furtherance of this
work are made in section 7.3.
7. Conclusions
7.1 Principal conclusions
In the series of centrifuge tests described in this dissertation, the excavation under
bentonite sluriy and concreting of a diaphragm wall trench were simulated. Three types
of test were carried out; plane strain (low and high groundwater level), 1/2 width trench
and 1/4 width trench (2 tests, with different initial lateral earth pressure profiles).
Generally, in the idealized case of a plane strain excavation, significant ground
movements may be expected to extend to a distance of approximately one trench depth
horizontally on either side of the trench. When a single panel of a finite length is
constructed, the extent of the displacements is reduced due to three-dimensional effects,
and depends significantly on the aspect ratio I length !) of the panel. For an aspect
width b)
ratio of 5 or less, the displacements are reduced significantly. At an aspect ratio of 10,
the reduction in movement is much less (and close to the trench may be only a little less
than those in plane strain conditions). For the plane strain case the aspect ratio is
regarded as infinity.
The investigation of the three-dimensional effects during wall installation, shows that the
displacements along the centreline of a trench may be reduced by a factor of 2-3 in the
case of the panels compared with plane strain situation. Additionally, the displacements
at the edge of the panel may be reduced by a factor of 2-4 compared with those on the
centreline of the panel.
If the initial groundwater level is low, the ground movements will be reduced by a factor
of perhaps 10. Movements will also be reduced if the initial lateral stresses are not high,
but the effects of the groundwater level are potentially the more significant.
During the concreting stage, the soil surface might start to heave. This heave depends
again on the geometry of the panel and the initial groundwater conditions, but is
generally not as significant as the settlements which occur during the excavation of the
trench.
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So, it is apparent that these three factors, in addition to the stifthess of the soil, are
extremely important in the estimation of the movements associated with the installation
of a diaphragm wall.
For most of the tests carried out in the centrifuge, the pore water pressures immediately
prior to excavation corresponded to approximately hydrostatic conditions. Generally,
during excavation the pore water pressures closest to the trench fall as a result of the
reduction in lateral stress. During concreting, they tend to return towards their initial
values or become slightly larger. The net effect of the two processes of excavation and
concreting is small.
7.2 Significance of results to engineering practice
The centrifuge model tests have quantified the extent of the zone within which significant
ground movements may occur during excavation under bentonite slurry and concreting
of a diaphragm wall trench. These results, together with the comparison with field data
(chapter 6), can lead to a better insight into the factors, which affect the ground
movements during the wall installation.
An idealized displacement mechanism was described in chapter five. This hand
calculation utilizes the mobilised soil strength approach, described by Bolton, Powrie and
Symons (1990), and an idealized displacement field, which is based on the results of the
centrifuge model tests. This simple model can be used by the designer, for the estimation
of the ground movements which may occur during the installation of a plane strain
diaphragm wall trench, using the triaxial test data from perhaps one triaxial test, if no
further data are available. Then, by means of the diagram where the displacements
normalized with respect to the depth of the trench are plotted against the inverse of the
aspect ratio (i.e. b/i), an empirical adjustment factor can be derived, in order to take
account of the influence of the finite length of a real diaphragm wall panel in reducing
displacements.
The basic calculation for the plane strain case, enables the designer to take account of the
effects of the initial groundwater level (because the undrained shear strength profile will
be different), and the initial distribution of the lateral stresses with depth (because a
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different reduction in stress will be applied during the excavation of the trench), and also
the stiffness of the soil.
7.3 Further research
Generally, when a research project is completed, it does not mean that the research into
the problem investigated has also been completed. Suggestions for further research can
usually be made, especially for an experimental programme of research which usually has
scope for repetition with more and improved instrumentation. On the basis of the
centrifuge tests described in this dissertation the following suggestions for further work
might be made.
(i) Further centrifuge tests using total stress transducers in order to measure the changes
in horizontal stress during the excavation of a trench under bentonite slurry and
concretmg.
(ii) Centrifuge model tests that will give a better insight into the factors influencing the
changes in the pore water pressures during the excavation of a diaphragm trench
under bentonite slurry and concreting (using also perhaps more pore water pressure
transducers).
(iii) A series of centrifuge model tests to investigate the influence of larger values of in
situ earth pressure coefficient K 0 prior to the simulation of the excavation and
concreting of the trench.
(iv)Centriflige model tests to investigate any tendency for the initial lateral stresses to
become re-established in the long term.
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Appendix I
Derivation of relation between K0
 and p/a'
The effective vertical and horizontal stresses are given by the equations:
oJv=v-uo=p	 (LI)
C'hov	 (1.2)
The total vertical and horizontal stresses, for a depth z below the surface, are:
h-(CV- O+uO=PKO uO	(1.4)
where u0
 is the piezometric pore pressure.
After sampling the total stresses are zero, but still there is a pore pressure u in the
sample. Hence, the effective vertical stress in the sample (i.e. the capillary pressure) is
given by the equation:
pkU-u	 (1.5)
where u is negative (suction). If Au is the change in pore pressure on sampling, and if As
is the pore pressure coefficient for filly saturated soils, then from equation (2.7)
u = -p{K 0 - A,p(K 0 - i)]	 (1.6)
The changes in and c are:
Aa1 —	 and Ao3-ah
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and if K0>1, which is for the case at Bradwell,
and
1	 1(
u(_pK0)+_(_ +2ah)^AS(ah—V)—ab—t7V)
3
u-pK0 +A(a h 
— a) = pI(0 +A(pK0 +u0 —p--u0)
u = -p[K 0 - A,p(K 0 - 1)]	 (1.7)
and thus from equation (1.5)
p = p[K 0 - A 3 p(K 0 -	 (1.8)
Hence,
2--=K0-A5p(K0-1)	 (1.9)
p
and finally,
K0 - 
_______
I	 	 (1.10)
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AppendL!c H
Variation of acceleration within the model
As has already been mentioned in chapter 3, the centriftige gives a radial acceleration
field, in which the rate of increase of vertical effective stress in the model varies with the
radius as illustrated in figure 11.1.
R'Raditis at the top of the model	
vertical stress
depth, z	 h = coincidence of sesses
H full depth of model
Re = Effective radius
Fig. II. 1 Model stress error caused by acceleration field 	 (Fig 3.2 bis)
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In order to estimate the error due to the difference between uniform rate of increase of
vertical stress with depth in a prototype and the radially varying of increase of vertical
effective stress in a centrifuge, an integration is required (Schofield, 1980).
At a depth z in the model, the vertical stress 	 is:
avm ..5p 2 (R +z)dz=P&z(Rt +..)
	
(11.1)
where R = radius at the top of the model
In the prototype, vertical effective stress at a depth z is:
a,=Nzpg,
where N is the acceleration level calculated at effective stress Re Ng = CO2Re
Let h be the depth, where the stress in the model is equal to the stress in the prototype.
Then,
v.rn =	 P&(R + .1)h = Nhpg = phRo 2	(11.2)
Re =R+
	 (11.3)
Assuming that the depth h is considered such that:
A = (understress at depth h / 2) = (overstress at depth h / 2) = B
(prototype stress at depth hI 2) (prototype stress at depth h/ 2)
I -
H—h
2R
Appendix II
A = Npg—p& (R1 +.)
Npg
=A=h
4R0
R =R-
and
p2H(R +.)ipg
B= NHpg
=B=
hR 1 =R--
2
Thus,
A=B=h=H
the error in stress between model and prototype is given:
A=H
6Re (114)
-2 14-
Appendix III - Bibliography
Appendix III
Bibliography
L Effects of diaphragm wall installation in clays - case histories
(other type of retaining walls are also included)
Bergado, D.T., Ahmed, S., Sampaco C.L. and Balasubramanian A.S (1990).
Settlements of Bagna-Bangpakong Highway on soft Bangkok clay. Journ. of Geot.
Engng. Div. ASCE 116 (1), pp. 136-155.
Bester, M. and Marcellino, P. (1981). Stability of trenches under bentonite suspension.
10th mt. Conf on Soil Mech. and Found. Engineer., Stockholm, Vol I, pp. 41-46.
Bolton, MD. and Powrie, W. (1988). Behaviour of diaphragm walls in clay prior to
collapse. Geotechnique 38, No 2, pp. 167-189.
Burland, J.B. and Hancock, R.J.R. (1977). Underground car park at the House of
Commons : geotechnical aspect. Struct. Eng., 55, pp. 87-100.
Burland, J.B., Simpson, B. and St John, H.D. (1979). Movements around excavations
in London Clay. Proc. 7th Eur. Conf. Soil Mech., Brighton, 1, pp. 13-29.
Clayton, C.R.L and Milititsky, J. (1983). Installation effects and the performance of
bored piles in stiff clay. Ground Engineering, pp. 17-22.
Clough, G.W. and O'Rourke TD. (1990). Construction induced movements of in situ
walls. Proc. of ASCE Conf on design and performance of earth retaining structures,
Cornell University, Geot. Special Pubi., No 25, pp. 439-470.
Cole, K.W. and Burland, J.B. (1972). Observations of retaining wall movements
associated with a large excavation. Proc. 5th Eur. Conf. Soil Mech. Found. Engng.,
Madrid, Vol 1, pp. 445-453.
DiBiagio, E and Roti, J.A. (1972). Earth pressure measurements on a braced slurry
trench wall in soft clay. Proc. 5th Eur. Conf. Soil Mech. and Found. Eng., Madrid, 1, pp.
473-482.
-215-
Appendix III - Bibliography
Discussion 5th Geotechnique symposium (1984). The performance of propped and
cantilever rigid walls. Published by ICE.
El-Nahhas, F., Eisenstein, Z. and Shalaby, A. (1989). Behaviour of diaphragm walls
during construction of Cairo Metro. 12th mt. Conf on Soil Mech. and Found. Engng.,
Vol 3, pp. 1483-1486.
Finno, R.J., Atmatzidis, D.K. and Perkins, S.B. (1989). Observed performance of a
deep excavation in clay. Journ. of Geot. Engng. Div. ASCE 115 (8), pp. 1045-1064.
Garett, C. and Barnes, S.L (1984). The design and performance of Dunton Green
retaining wall. Geotechnique 34, No 4, pp. 553-548.
Gunn, M.J. and Clayton, C.R.L (1992). Installation effects and their importance in the
design of earth-retaining structures. Geotechnique 42, technical note, No 1, pp. 137-141.
Gunn, M.J., Satkunananthan A. and Clayton C.R.L (1993). Finite element modelling
of installation effects. In Retaining Structures, edited by C.R.I. Clayton, published by
T.T.L., London (ICE), pp. 46-5 5.
Higgins, K.G., Potts, D.M. and Symons, I.F. (1989). Comparison of predicted and
measured performance of the retraining walls of the Bell Common tunnel. Constructor
report 124, Crowthorne: Transport and Road Research Laboratory.
Hubbard, H.W., Potts, D.M., Miller, D. and Burland, J.B. (1984). Design of the
retaining walls for the M25 cut and cover tunnel at Bell Common. Geotechnique 34, No
4, pp. 495-5 12
Kienberger, H. (1974). Diaphragm walls as load bearing foundations. Proc. of Conf.
Diaphragm Walls and Anchorages, ICE, London, September, paper 3, pp. 19-2 1.
Kusakabe, 0. (1982). Stability of excavations in stiff clays. PhD dissertation, University
of Cambridge.
Kutmen, G. (1986). The influence of the construction process on bored piles and
diaphragm walls: numerical study. MPhiI dissertation, University of Surrey.
-216-
Appendix III - Bibliography
Lings, M.L., Nash, D.F.T. and Ng, C.W.W. (1991). Observed behaviour of a deep
excavation in Gault Clay: a preliminary appraisal. Proc. 10th Eur. Conf Soil Mech.,
Florence, 2, pp. 467-470.
Lings, M.L., Nash, D.F.T. and Ng, C.W.W. (1993). Reliability of earth pressure
measurements adjacent to a multi-propped diaphragm wall. In Retaining Structures,
edited by C.R.I.Clayton, published by T.T.L, London (ICE), pp. 258-269
Measurements at a strutted excavation, Oslo subway, Gronland 1, Km 1.559 (1962a).
Technical report Nol, Norwegian Geotechnical Institute, Oslo, Norway.
Measurements at a strutted excavation, Oslo subway, Everhaugen South, Km 1.982
(1962b). Technical report No3, Norwegian Geotechnical Institute, Oslo, Norway.
Measurements at a strutted excavation, Oslo subway, Vaterland 1, Km 1373 (1962c).
Technical report No6, Norwegian Geotechnical Institute, Oslo, Norway.
Milititsky, J. (1983). Installation of bored piles in stiff clays: an experimental study of
local changes in soil conditions. PhD dissertation, University of Surrey.
O'Rourke, T.D. (1981). Ground movements caused by braced excavations. Journ. of
Geot. Engng. Div. ASCE 107 (9), pp. 1159-1178.
Peck, RB. (1942). Earth pressure measurements in open cuts, Chicago (III) subway.
Journ. of Geot. Engng. Div. ASCE 68 (6), pp. 900-928.
Peck, RB. (1969). Deep excavations and tunnelling in soft ground, State of-the-art
report. 7th mt. Conf. on Soil Mech. and Found. Engineer., Mexico City, Mexico, pp.
225-281.
Phillips R. (1988), Ground deformations in the vicinity of a trench heading, PhD
dissertation, University of Cambridge.
Potts, D.M. and Fourie, A.B. (1984). The behaviour of a propped retaining wall
results of a numerical experiment. Geotethnique 34, No 3, pp. 383-404.
-217-
Appendix III - Bibliography
Potts, D.M. and Knights, M.C. (1985). Finite element techniques for the preliminary
assessment of a cut and cover tunnel. Tunnelling 854th Inter. Symp., Brighton. pp.83-
92.
Powrie, W. (1986), The behaviour of diaphragm walls in clay. PhD dissertation,
University of Cambridge.
Simpson, B., 0' Riordan, N.J. and Croft, D.D. (1979). A computer model for the
analysis of ground movements in London Clay. Geotechnique 29, No 3, pp. 149-175.
Sir Alexander Gibb and Partners - Dr Eileen De Moor (private communication)
Stewart, D.L (1986). The deformation of walls retaining stiff clay. MPhil dissertation,
University of Cambridge.
Symons LF. and Carder D.R. (1992). Field measurements on embedded retaining walls
(technical note). Geotechnique 42, No 1, pp.1 17-126.
Symons LF. and Carder D.R. (1993). Stress changes in stiff clay caused by the
installation of embedded retaining walls, In Retaining Structures, edited by
C.R.I.Clayton, published by T.T.L, London (ICE), pp. 227-236.
Taylor, R.N. (1984). Ground movements associated with tunnels and trenches. PhD
dissertation, University of Cambridge.
Tedd, P., Chard, B.M., Charles J.A. and Symons LF. (1984). Behaviour of a propped
embedded retaining wall in stiff clay at Bell Common tunnel. Geotechnique 34, pp.513-
532.
Thompson, P. (1991). A review of retaining wall behaviour in overconsolidated clay
during the early stages of construction. MPhil dissertation, Imperial College, University
of London.
Uriel, S. and Otero, C. S. (1977). Stress and strain beside a circular trench wall. Proc.
Int Conf. Soil Mech. and Found. Eng., Tokyo, 1, pp.781-788.
-218-
Appendix HI - Bibliography
Wallace, J.C., Long, M.M. and Ho, C.E. (1993). Retaining wall behaviour for a deep
basement in Singapore marine clay, In Retaining Structures, edited by C.R.I.Clayton,
published by T.T.L., London (ICE), pp. 195-204.
Wroth, C.P. (1984). The interpretation of in-situ soil tests: 24th Ranldne Lecture of
BGS. Geotechnique 34, No 4, pp. 449-489.
IL Bentonite and concrete process during diaphragm wall installation
Bhatia, S.K. and El-Din K. (1989). In situ measurement of the permeability of slurry
walls. 12th Int. Conf. on Soil Mech. and Found. Engng., Vol 3, pp. 1475-1478.
Broderick, CP. and Daniel, D.E. (1990). Stabilizing compacted clay against chemical
attack. Journ. of Geot. Engng. Div. ASCE 116 (10), pp. 1549-1567.
Clayton, C.R.L and Milititsky, J. (1983). Installation effects and the performance of
bored piles in stiff clay. Ground Engineering, pp. 17-22.
Fearenside, G.R. and Cooke, R.W. (1978). The skin friction of bored piles formed in
clay under bentonite. London: Construction Industry Research and Information
Association, Report 77.
fleming, W.G.K. and Sliwinski, Z. (1977). The use and influence of bentonite in bored
pile construction. DoE/CIRIA Development Group, Report PG3.
Hodgson, F.T. (1976). Design and control of bentonite/clay suspensions and concrete in
diaphragm wall construction. A review of diaphragm wall (a discussion of "Diaphragm
walls and Anchorages", CEI).
Hutchinson, M.T., Daw, G.P., Shotton, P.G. and James, A.M. (1974). The
properties of bentonite slurries used in diaphragm walling and their control. Proc. of
ConE Diaphragm Walls and Anchorages, ICE, London, paper 5, pp. 33-3 9.
-219-
Appendix III - Bibliography
Li, J.C., Hwang, C.L, Yao, H.L., Lee, H.J. and R.J. (1989). A study of slag cement-
bentonite slurry. 12th mt. Conf on Soil Mech. and Found. Engng., Vol 3, pp. 1499-
1502.
Milititsky, J., Jones, J.R. and Clayton, C.RL (1992). A radiochemical method of
studying the moisture movement between fresh concrete and clay. Geotechnique 42,
No4, technical note, pp. 27 1-275.
Sliwinski, Z. and Fleming, W.G.K. (1974). Practical considerations affecting the
construction of diaphragm walls. Proc. of ConE'. Diaphragm Walls and Anchorages, ICE
London, paper 1, September, pp. 1-10.
-220-
References
Reftrences
A1-Tabbaa, A. (1987). Permeability and stress-strain response of speswhite kaolin. PhD
dissertation, University of Cambridge.
Bolton, M.D. (1979). A guide to soil mechanics. Macmillan, London.
Bolton, M.D. and Powrie, W. (1988). Behaviour of diaphragm walls in clay prior to
collapse. Geotechnique 38, No 2, pp. 167-189.
Bolton, M.D., Powrie, W. and Symons LF. (1990). The design of stiff in-situ walls
retaining overconsolidated clay Part I, short term behaviour. Ground Engineering.
Bransby, P.L and Milligan, G.W.E. (1975). Soil deformations near cantilever sheet-
pile walls. Geotechnique 25, No 2, pp. 75-195.
Brooker, E.W. and Ireland H.O. (1965). Earth pressures at rest related to stress
history. Canadian Geotechnical Journal, Ottawa, Ontario, 2, No 1, pp. 1-15.
Burland, J.B. and Hancock, R.J.R. (1977). Underground car park at the House of
Commons : geotechnical aspect. Struct. Eng., 55, pp. 87-100.
Burland, J.B., Simpson, B. and St John, H.D. (1979). Movements around excavations
in London Clay. Proc. 7th Eur. Conf. Soil Mech., Brighton, 1, pp. 13-29.
Burland, J.B. and Fourie A. (1985). The testing of soils under conditions of passive
stress relief. Geotechnique 35, No 2, pp.193-198.
Carder, D.R. and Symons, I.F. (1989). Long-term performance of an embedded
cantilever retaining wall in stiff clay. Geotechnique 39, No 1, pp. 55-75.
Clayton, C.R.L and Milititsky, J. (1983). Installation effects and the performance of
bored piles in stiff clay. Ground Engineering, pp. 17-22.
-22 1-
References
Clough, G.W. and O'Rourke T.D. (1990). Constn.iction induced movements of in situ
walls. Proc. of ASCE Conf on design and performance of earth retaining structures,
Cornell University, Geot. Special Publ., No 25, Pp. 439-470.
DiBiagio, E and Roti, J.A. (1972). Earth pressure measurements on a braced slurry
trench wall in soft clay. Proc. 5th Eur. Conf Soil Mech. and Found. Eng., Madrid, 1, pp.
473-482.
Fisher, F.A. (1974). Diaphragm wall projects at Seaforth, Redcar, Bristol and Harrow.
Proc. of ConE Diaphragm Walls and Anchorages, ICE, London, September, paper 2, pp.
11-17.
Fleming, W.G.K. and Sliwinski, Z. (1977). The use and influence of bentonite in bored
pile construction. DoE/CIRIA Development Group, Report PG3.
Gunn, M.J. and Clayton, C.RI. (1992). Installation effects and their importance in the
design of earth-retaining structures. Geotechnique 42, technical note, No 1, pp. 137-141.
Gunn, M.J., Satkunananthan A. and Clayton C.R.I. (1993). Finite element modelling
of installation effects. In Retaining Structures, edited by C.R.I. Clayton, published by
T.T.L., London (ICE), pp. 46-55.
Hodgson, F.T. (1976). Design and control of bentonite/clay suspensions and concrete in
diaphragm wall construction. A review of diaphragm wall (a discussion of "Diaphragm
walls and Anchorages", CEI).
Hutchinson, M.T., Daw, G.P., Shotton, P.G. and James, A.M. (1974). The
properties of bentonite slurries used in diaphragm walling and their control. Proc. of
Conf. Diaphragm Walls and Anchorages, ICE, London, paper 5, pp. 33-39.
Jaky, J. (1944). The coefficient of earth pressure at rest. (J. Soc. Hungarian Arch. and
Engrs, pp. 355-358.
Kienberger, H. (1974). Diaphragm walls as load bearing foundations. Proc. of ConE
Diaphragm Walls and Anchorages, ICE;London, September, paper 3, pp. 19-21.
-222-
References
Kusakabe, 0. (1982). Stability of excavations in stiff clays. PhD dissertation, University
of Cambridge.
Kutmen, G. (1986). The influence of the construction process on bored piles and
diaphragm walls: numerical study. MPhil dissertation, University of Surrey.
Lings, M.L, Nash, D.F.T. and Ng, C.W.W. (1991). Observed behaviour of a deep
excavation in Gault Clay: a preliminary appraisal. Proc. 10th Eur. ConE Soil Mech.,
Florence, 2, pp. 467-470.
Lings, M.L., Nash, D.F.T. and Ng, C.W.W. (1993). Reliability of earth pressure
measurements adjacent to a multi-propped diaphragm wall. In Retaining Structures,
edited by C.R.I.Clayton, published by T.T.L, London (ICE), pp. 258-269
Mair, R.J. (1979), Centrifuge modelling of tunnel construction in soft clay. PhD
dissertation, University of Cambridge.
Mayne, P.W. and Kulhawy, F.H. (1982). K0-OCR relationships in soil. Geotechnical
Engineering Division, Proc. of ASCE, 108, No GT6, June 1982.
Milititsky, J. (1983). Installation of bored piles in stiff clays: an experimental study of
local changes in soil conditions. PhD dissertation, University of Surrey.
Milititsky, J., Jones, J.R.. and Clayton, C.R.L (1992). A radiochemical method of
studying the moisture movement between fresh concrete and clay. Geotechnique 42,
No4, technical note, pp. 27 1-275.
Mihigan, G.W.E. and Bransby, P.L. (1976). Combined active and passive rotational
failure of a retaining wall in sand. Geotechnique 26, No 3, pp. 473-494.
Ng, C.W.W. (1992). An evaluation of soil-structure interaction associated with a multi-
propped excavation. PhD dissertation, Bristol University.
Peck, RB. (1969). Deep excavations and tunnelling in soft ground, State of-the-art
report. 7th mt. Conf. on Soil Mech. and Found. Engineer., Mexico City, Mexico, pp.
225-281.
References
Phillips It (1982), Trench excavation in clay. MPhiI dissertation, University of
Cambridge.
Phillips R. (1988), Ground deformations in the vicinity of a trench heading, PhD
dissertation, University of Cambridge.
Potts, D.M. and Fourie, LB. (1984). The behaviour of a propped retaining wall
results of a numerical experiment. Geotechnique 34, No 3, pp. 383-404.
Potts, D.M. and Knights, M.C. (1985). Finite element techniques for the preliminary
assessment of a cut and cover tunnel. Tunneling 85,4th Inter. Symp., Brighton. pp.83-92.
Powrie, W. (1986), The behaviour of diaphragm walls in clay. PhD dissertation,
University of Cambridge.
Powrie, W. and Li E.S.F. (1991). Finite element analysis of an in situ wall propped at
formation level. Geotechnique 41, No 4, pp.499-5 14.
Prevost, J.H. and Keane, C.M. (1990). Shear stress-strain curve generation from
simple material parameters. Journal of Geot. Eng. 116, No 8, August, pp.1255-1263.
Pyke, R. (1979). Nonlinear soil models for irregular cyclic loadings. Journal of Geot.
Eng. Division, Proc. of ASCE, 105, No GT6, June, pp. 715-726.
Schofield, A.N. (1980). Cambridge geotechnical centrifuge operations : 20th Rankine
Lecture of BGS. Geotechnique 30, No 3, pp. 227-268.
Schofield, A.N. (1988). An introduction to centrifuge modelling. Centrifuges in Soil
Mechanics, edited by W.H. Creug, R.J. James and A.N. Schofield, Balkema, pp. 1-9.
Simpson, B., 0' Riordan, N.J. and Croft, D.D. (1979). A computer model for the
analysis of ground movements in London Clay. Geotechnique 29, No 3, pp. 149-175.
Sir Alexander Gibb and Partners - Dr Eileen De Moor (private communication)
-224-
References
Skemptom, A.W. (1954). The pore-pressure coefficients A and B. Geotechnique, 4,
pp.143-147.
Skempton, A.W. (1961). Horizontal stresses in an overconsolidated Eocene clay. Proc.
5th mt. Conf. Soil Mech. and Found. Eng., 1, Paris, pp. 352-3 57.
Sliwinski, Z. and Fleming, W.G.K. (1974). Practical considerations affecting the
construction of diaphragm walls. Proc. of Conf. Diaphragm Walls and Anchorages, ICE
London, paper 1, September, pp. 1-10.
Stewart, D.L (1986). The deformation of walls retaining stiff clay. MPhil dissertation,
University of Cambridge.
Symons, I.F.and Carder, D.R. (1989). Long-term behaviour of embedded retaining
walls in over-consolidated clay. Instrumentation in Geotech. Eng. T.T.L., London, paper
23, pp. 155-173.
Symons LF. and Carder D.R. (1993). Stress changes in stiff clay caused by the
installation of embedded retaining walls, In Retaining Structures, edited by
C.R.I.Clayton, published by T.T.L, London (ICE), pp. 227-236.
Taylor, RN. (1984). Ground movements associated with tunnels and trenches. PhD
dissertation, University of Cambridge.
Tedd, P., Chard, B.M., Charles IA. and Symons LF. (1984). Behaviour of a propped
embedded retaining wall in stiff clay at Bell Common tunnel. Geotechnique 34, pp.513-
532.
Thompson, P. (1991). A review of retaining wall behaviour in overconsolidated clay
during the early stages of construction. MPhil dissertation, Imperial College, University
of London.
Uriel, S and Otero, C. S. (1977). Stress and strain beside a circular trench wall. Proc.
mt Conf Soil Mech. and Found. Eng., Tokyo, 1, pp.781-788.
-225-
References
Wallace, J.C., Long, M.M. and Ho, C.E. (1993). Retaining wall behaviour for a deep
basement in Singapore marine clay, in Retaining Structures, edited by C.R.I.Clayton,
published by T.T.L., London (ICE), pp. 195-204.
Wroth, C.P. (1972). General theories of earth pressure and deformations. Proc. 5th Eur.
Conf. Soil Mech. and Found. Eng., Madrid, pp. 33-52.
Wroth, C.P. (1984). The interpretation of in-situ soil tests 24th Rarikine Lecture of
BGS. Geotechnique 34, No 4, pp. 449-489.
-226-
